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Abstract

In the mid-1980s the Jamestown Verrazzano Bridge was built in Rhode Island
spanning the west passage of Narragansett Bay. The bridge was to be founded primarily
on pre-stressed concrete piles acting as friction piles. A test pile program was conducted
at the beginning of construction and the measured capacity of the piles was significantly
lower than predicted values. This led to significant delays in construction, cost overruns,
and ultimately led to a change in the design of the foundations.

The overall objective of this thesis is to evaluate the results of the test pile
program and attempt to understand why the measured capacities were so much lower
than design values.

The region in which the pre-stressed concrete test piles were driven is known to
contain sands, non-plastic silts, and organic silts of varying densities. Pile relaxation is
known to occur in dilative sands and silts, and it has been hypothesized that this occurred
at this site. However, no one has been able to quantify how relaxation caused such a
significant reduction in capacity. There are very few studies on the effects of cyclic pile
driving in dilative silts, none of which provide correlations to observed pile relaxation
and cyclic loading. Because of this and the fact that dilative sands and silts exist at other
potential bridge sites in Rhode Island, this is an important case study to document.

Site characterization, geotechnical properties, and load test data was compiled
from a large quantity of construction reports and correspondence from the project. Static
capacity analysis was performed for each test pile at design depth and at the depth in
which the static load tests were actually conducted. The analyses indicated the design

depths should have been of sufficient depth to provide enough resistance for the design



capacities based upon provided boring logs and lab data; this was clearly not the case.
The analyses also significantly over-predicted the ultimate capacities of the three test
piles driven well beyond the design depths.

The disagreement between the static capacity analysis, CAPWAP and static load
tests may have been a result of either one of the following reasons: arching, friction
fatigue, post liquefaction behavior or dilation. It was sugggested that a combination of the
effects leading to real or apparent pile relaxation may have caused the significant
difference between measured and predicted ultimate capacities, however, none of these
effects can fully explain the large differences between predicted capacities and the

capacities measured in the test pile program.
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1. INTRODUCTION

1.1 Problem Statement

A thorough understanding of the geotechnical properties of soil is essential when
determining the most cost effective type of deep foundation. Common types of in situ
geotechnical investigations for cohesionless soils include Standard Penetration Tests
(SPT) and Cone Penetration Tests. In the laboratory, tests such as Consolidated Drained
(CD), Consolidated Undrained (CU), and Unconsolidated Undrained (UU) triaxial tests
are performed to determine effective stress and total stress strength parameters. Both
types of investigations provide shear strength properties necessary for deep foundation
design, though lab tests typically provide more accurate results. Many correlations have
been developed, however, for in situ tests like the SPT to account for sources of error
inherent to the test providing the ability to predict the soil properties with good

confidence.

One type of soil behavior these tests do not account for is dilation during cyclic
loading and its long term effects. In the mid-1980s the Jamestown Verrazzano bridge was
built in Rhode Island spanning the west passage of Narragansett Bay. The bridge was to
be founded primarily on pre-stressed concrete piles acting as friction piles. The boring
logs utilized in the design of the initial test pile program for this project indicated the
existence of loose to very dense non-plastic silt layers (50 to 100 feet thick) with an
underlying, very dense glacial till layer of 10 to 50 feet overlying bedrock. The
significance of the thick till and silt layers is that there have been instances in which pile

driving operations in these types of soils, specifically in Providence, Rhode Island, have



led to decreased effective stresses, due to dilation, and significant movement of adjacent
structures founded on the same soil types (Bradshaw et al., 2007). Decreased effective
stresses can lead to pile relaxation, which is a measured decrease in ultimate pile capacity
caused by decreased shaft resistance due to dissipation of excess pore pressures over
time. This behavior has been shown to occur in dense non-plastic silts and glacial till

with low permeability.

The Jamestown Verrazzano Bridge initial test pile program included the
installation of four driven pre-stressed concrete test piles. The determination of the depth
of penetration was based on static capacity analyses using SPT blow counts to
characterize soil strength. Of the four test piles, three failed to reach the predicted
ultimate capacity at the anticipated depth. These results are shown in Table 1.1. This
failure to meet the design capacity ultimately resulted in the termination of the initial pile
driving contract and associated costs, a redesign of the piles for two of the four sections
of the bridge, and an 18 month construction delay. Although it has been speculated that a
combination of problem soil conditions and insufficient site investigations led to the

delays, no formal study of this important case study has ever been published.

Table 1-1 Predicted and Measured Ultimate Capacities of Jamestown Bridge Test Pile Program

Required
Capacity Static Load Test
Test Pile (tons) Results (tons)
West Approach Test Pile #1 340 83
West Approach Test Pile #2 340 240
Trestle Test Pile #1 330 180
Trestle Test Pile #4 330 520




1.2  Objectives and Methodology

The objective of this thesis is to investigate the reasons behind the $97 million
cost overrun of the pile foundations associated with the Jamestown Verrazzano Bridge in

the 1990’s. In order to meet this objective, the following research was conducted:

Review of the chronology of the test pile program

Static capacity analyses of the four test pile sites

Analysis and comparison of the static load tests and CAPWAP results

Analysis of pile driving records

The objectives were met by reviewing the Jamestown Verrazzano Bridge project
files only recently provided to the University of Rhode Island by the Rhode Island
Department of Transportation (RIDOT). The project files contained correspondences
between the prime contractor, geotechnical consultants and RIDOT as well as previous
subsurface investigations, boring logs, lab data, static load tests and dynamic load tests.
Through a review of the available correspondences, a succinct chronology was

developed.

The lab data and boring logs provided the information required to conduct a static
capacity analysis of each test pile site. Two different boring logs were used in the
analysis as well as three different methods of determining the shaft resistance and three
different methods of determining the toe resistance. The results were then compared to
the ultimate design capacity for the four test piles, all of which were intended to be

friction piles.



Because the boring logs indicated the existence of medium dense to very dense
sand and silt, it was assumed the static load tests were conducted under drained
conditions. Therefore, an analysis of the static load test results was conducted to
determine if the tests were performed as such as a means of assessing how accurate the
tests were in regards to the actual pile performance. The soil parameters used to model
soil resistance in CAPWAP analysis can be altered based upon static load test results as
an attempt to improve the predicted capacity of a pile. Therefore, the CAPWAP ultimate
capacity values were compared to the static load test results to determine whether the soil

models were an accurate depiction of the in situ conditions.

It is widely accepted that pile driving blow counts of less than ten blows per inch
are required to fully mobilize the ultimate to capacity of a pile. In order to determine if
the ultimate toe capacities were mobilized, an analysis of the pile driving logs was

conducted and compared to the CAPWAP and static load test ultimate capacity values.

1.3  Organization of Thesis

The remainder of this thesis is organized as follows:

- Chapter 2 reviews methods of static capacity analysis, static and dynamic
testing, and possible reasons for real and apparent pile relaxation

- Chapter 3 provides background information of the Jamestown Verrazzano
Bridge test pile program.

- Chapter 4 provides a subsurface description of the Jamestown Verrazzano
Bridge site.

- Chapter 5 presents the analysis of compiled ultimate capacity data.

- Chapter 6 summarizes the major findings and conclusions.

4



2. BACKGROUND AND LITERATURE REVIEW

The capacity of driven piles can be predicted using several different methods of
static capacity analysis. During pile driving, the capacity of piles can be estimated using
several different types of dynamic load testing. Upon completion of the pile driving
process, the capacity of driven piles may be verified by conducting a static load test. This
chapter will discuss in detail the methods used to determine the capacity of piles in

addition to phenomena which affect the capacity of piles during and after pile driving.

2.1 Standard Penetration Test

Subsurface investigations are generally conducted prior to the design of a
foundation in order to accurately determine the geotechnical properties of the underlying
soil. One such investigation is the standard penetration test (SPT) and is the most
common method used in the United States, initially developed in 1902 and standardized
in the 1930’s. SPT can be used to determine the resistance to penetration of a soil, the
location of the water table, and to obtain a representative soil sample. The resistance of
the soil is measured by dropping a hammer onto a drill rod which drives a split-spoon
sampler that extracts a soil sample. The sample is used for classification, index tests and
determination of changes in the strata. The number of drops of the hammer onto the drill
rod are recorded as N-values. The height at which the hammer is dropped is 30 inches
from the drill rod and the weight of the hammer is 140 Ibs. Figures 2.1 and 2.2 show

illustrations of typical samplers.



Figure 2-1 Split Spoon Sampler (Mohr, 1940)
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Figure 2-2 Split-Spoon Sampler Dimensions (taken from ASTM D 1586)



The size of the hammer, type of hammer and height at which the hammer is
dropped can vary, but should be in line with standard practices outlined in ASTM D 1586
in order to ensure appropriate correlations of measured N-values. Numerous factors can
affect the measured N-value and correlations have be developed to account for the

affects. A simplified equation which normalizes the affects is listed below:
N1(60) = N CyCg (2.1)

Ni 60y represents the SPT blow counts corrected for energy (Cg) and overburden
stress (Cn), and may include other correction factors based upon the experience of the
engineer (Baxter et al. 2005).

Vertical effective stress increases with depth and affect the N-values as depth
increases due to increased confining pressure from overlying soil. There have been
correlations developed between N-values and soil resistance which correct for this
phenomenon in which case the N-values are normalized at any particular depth to a
reference stress of 1 tsf. One of the most widely used equations to account for the

overburden stress is (Peck et al., 1974):
Cy = 0.77l0g (=) (2.2)

The majority of correlations used to determine N0, were developed from tests in
cohesionless soils under drained conditions. Therefore, the SPT method described above

is not typically used for cohesive soils and presents some difficulty in accurately



determining N o) in silts if the silts are found to have cohesive properties. Accordingly,
Peck (1974) points out that N values obtained from saturated, fine or silty, dense or very
dense sands may be abnormally greater due to the tendency of these types of soils to
dilate during shear under undrained conditions and should be used conservatively.
Because the scope of this paper includes an analysis of provided SPT data which
was correlated to the shear strength and capacity of cohesionless soils, it should be noted
that the available literature recommends cone penetration tests (CPT) for cohesionless

soils, which is not the standard practice in the United States.

2.2 Determination of Friction Angles and Soil Unit Weights

The angle of internal friction (¢”), commonly referred to as the effective stress
friction angle, can be defined as a stress dependent component of shear strength of a soil
similar to that of sliding friction in solids (Holtz and Kovacs, 1981). Because the unit
weight of the soil determines the vertical stress at a given depth and because the stress at
a given depth affects the behavior of the soil, unit weight of the soil must also be
determined. The friction angle of a soil is a strength parameter in that the value can be
correlated to the shear strength of a soil according to the Coulomb equation for a

cohesionless soil (¢’ = 0):

7 = o'tang’ (2.3)
where:
1¢ = Shear strength of the soil.

¢’ = Effective angle of internal friction.
o’ = Applied effective normal stress.



The friction angles of cohesionless soils can be derived from SPT data using a
number of available correlations. One method used to correlate the two was the method

put forth by Peck et al. (1974) as:

¢’ = (0.3N)c, + 27° (2.4)
where:
40
¢, = 0.77log (G—) (2.5)
v
and:

¢’ = Effective internal friction angle.
N = Uncorrected SPT blow count.
o’, = Effective vertical stress.
¢n = Overburden correction factor (2.0 < ¢, <0.4)

Friction angles were correlated to SPT data using the Peck et al. (1974) method as
well as correlations presented inthe Bowles (1977) and Terzaghi, Peck & Mesri (1996).
Each of these methods were developed from tests in cohesionless soils under drained
conditions. If these correlations are to be used to determine friction angles for undrained
conditions, the determined values would not be representative of the actual shear strength
of the soil.

The unit weight of a soil can be determined from correlations to SPT N values, as

shown in Table 2.1.



Vaal Hsub ¢

SPT-N pef kN/m* pef kN/m® Degree
Sands

0=2 103 15.7 376 59 26
34 100 15.7 376 59 28
410 105 16.5 426 6.7 29
1020 110 17.3 47.6 75 30
20-30 115 18.1 516 83 32
30=40 120 189 576 9.1 33
= 125 19.6 6.6 9.8 M
Clay

-2 105 16.5 426 6.7 0
24 110 17.3 4768 75 0
48 115 18.1 526 8.3 0
815 120 1849 576 4.1 [
15-30 125 1%.6 626 9.8 0
=30 125 19.6 6.6 9.8 0

Table 2-1 Correlation of Uncorrected SPT N-Value with Total Unit Weight and Friction Angle (Kulhawy and
Mayne, 1990)

2.3  Static Capacity Analysis
The purpose of a static capacity analysis is to determine the pile type, width,
embedment depth and number of piles required to satisfy the calculated ultimate limit
state in the axial direction. There exist numerous static capacity analysis methods,
however, only the 3 most common methods to determine shaft resistance and 3 most

common methods to determine toe resistance will be discussed.

2.3.1 Nordlund Method for Determining Shaft and Toe Resistance

The Nordlund Method was developed in 1963 (updated by Nordlund in 1979) and
is the most widely used static capacity analysis method for calculating toe and shaft
resistance in cohesionless soils by practicing engineers. The method was based upon the

results of load test programs in cohesionless soils for numerous pile types and is
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considered semi-empirical. Some advantages of this method are that it includes the
effects of the pile-soil friction coefficient when determining the shaft resistance and two
limiting factors are included in the toe capacity method. In order to determine the
ultimate capacity of a pile, Q,, in a cohesionless soil the shaft resistance, R, and toe

resistance, R; are summed. The Nordlund Method equation is below:

d-D

sin(6 + w) ,
=) KsCepa =gy oos Cabd + @' gAcpe (2.6)
d=0

Where the variables are (from Hannigan et al., 1998):

d=Depth.

D=Embedded pile depth.

Ks=Coefficient of lateral earth pressure at depth d.

Cr=Correction factor for Kz when ® = 0.

pa=Effective overburden pressure at the center of depth increment d.
d=Friction angle between pile and soil.

w=Angle of pile taper from vertical.

¢=Soil friction angle.

Cq4=Pile perimeter at depth d.

Ad=Length of pile segment

a=Dimensionless factor (dependent on pile depth-width relationship).
N’,=Bearing capacity factor

p=Effective overburden pressure at the pile toe.

(The Ks, Cr, oy, N'y, values can be determined from figures taken from Hannigan et al.,
1998.)

If the pile is not tapered it is considered to have a uniform cross section, therefore
o = 0 as is the case for most precast pre-stressed concrete piles (PPC). If ® =0 and the
soil layers vary in effective unit weight and friction angle, Equation 2.6 can be simplified

in order to analyze each stratum:
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Qu = (KsCrpasindCyD) + (arN';A:p:) (2.7)

[Qu =(R¢) + (Ry)]

in which a limiting factor referred to as limiting toe resistance, qr, is used when

determining R;. The toe resistance is equal to the lesser value of the following two

equations:
Ry = q1A; (2.8)
R = aiN' ;A p; (2.9)

The limiting factor, qi, is determined from a Hannigan et al. figure as well and increases
in an exponential manner as the soil friction angle increases.

The Nordlund method is also used to determine the capacity of piles in
cohesionless soils by computer programs such as DRIVEN, which is recommended by
the Federal Highway Administration (FHWA) as a means of verifying calculations.

The parameter which most influences the Nordlund method is the soil friction
angle. If the soil friction angle is not determined through laboratory tests it is estimated
using correlations of corrected SPT N; values. The different correlations between friction
angle and SPT data will be discussed in section 2.5. Another disadvantage is the
Nordlund method does not utilize a limiting factor for shaft resistance, though a limiting
factor of 150kPa is used for the effective overburden pressure when calculating the toe
resistance. Also, the values determined from the Hannigan et al. (1998) figures are

subject to some interpretation which could produce some slight error.
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2.3.2 B Method

The Effective Stress Method, commonly referred to as the f Method, is a widely
used method of determining the shaft capacity of piles in cohesive and cohesionless soils.
The method is best used when determining the static capacity of piles in drained soils
because the method is based upon effective stresses at failure in an attempt to model the
long term strength of the soil. The Effective Stress Method can be used to predict shaft
and toe capacities, however, this section will only focus on calculating the shaft capacity
in cohesionless soil. Like the Nordlund Method, the Effective Stress Method is also semi-
empirical (Hannigan et al., 1998).

The unit shaft resistance is calculated using the following equation:

fs = BPo (2.10)

where:
fs= Shaft resistance.
[= Bjerrum-Burland beta coefficient = K, tan 6.
po= Average effective overburden pressure along the pile shaft.
K= Earth pressure coefficient.
0= Friction angle between pile and soil.
The ultimate shaft resistance, R, is then computed from the sum of f; for each soil
layer:

R, = fiAq (2.11)

where:
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A= Surface area determined from pile perimeter and length of pile embedded in soil

layer.

If the friction angle of the soil is known, beta values for Equation 2.10 can be

taken from Figure 2.3.

1.0
]
0.5 |
Ve
B 04 Ll
Coefficient |
ay
03 Silt
Sand
rqvel[
0.2 -
45 50

| ¢’ (degrees)

Figure 2-3 Chart for Estimating p Coefficients (after Fellenius, 1991)

The parameter which most influences the Beta Method is the friction angle as it
used to determine the beta values. A major disadvantage to the Beta Method is that
selecting the beta value is subject to interpretation based upon Figure 2.3 and it is

recommended the engineer select a beta values based upon experience.
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2.3.3 Bearing Capacity Theory

Bearing Capacity Theory has seen widespread use for over 70 years. The method
is based upon developed bearing capacity factors derived from SPT data through an
attempt to determine a shear model based upon friction angle, cohesion, and unit weight
of the soil. The Bearing Capacity Theory equation used for determining the cohesionless

soils under drained conditions is:

qmax = Y'BNy + q'Ng (2.12)
where:
y'= Effective unit weight of the soil.
B= Diameter of the pile.
Ny, = Bearing capacity factor based upon ¢’, y* and ..
q'= Effective overburden stress at pile toe.
N4= Bearing capacity factor based upon, ¢’, q” and I..

In order to determine the bearing capacity factors, the friction angle must be
known and rigidity index must be calculated. A common equation for calculating the
rigidity index is:

~ 2(1+v)q'tang’

(2.13)

Iy

where:

;= Rigidity index.

E=Stress-strain modulus of the soil.

v = Poisson’s ratio (values for cohesionless soils range between 0.3 - 0.5)
q =Eftective overburden stress at pile toe.

¢ =Angle of internal friction of the soil layer.
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2.3.4 Meyerhof Methods

The Meyerhof method was developed in 1976 and correlates SPT N values
directly to the static capacity of a pile in a homogenous and cohesionless soil. This
method is based upon the analyses of many load tests in numerous types of cohesionless
soils and is purely empirical (Meyerhof, 1976). Because the type of cohesionless soil
does not directly influence the method and due to the method being based upon SPT data,
it is commonly used as a quick means of determining capacity and is not recommended
for design purposes (Hannigan et al., 1998).

The Meyerhof equation for the average shaft resistance of a driven displacement

pile, such as a prestressed concrete pile, is:

f. = 2N’ <100 kPa (N' = N;) (2.14)

where N' is the average of the overburden stress corrected SPT values along the
embedded length of the pile.

There are two Meyerhof equations for determining the unit toe resistance and both
are just as straightforward as the shaft resistance equation. However, some discretion is
required when determining whether the pile is embedded in a homogenous soil or if the
embedment depth is near the interface of two strata in which the overlying strata is

weaker. The two equations are:

(40N’ — 40N’,))Dp
b

qc = 400N, + < 400N’ (2.15)

(Pile toe near interface of two strata)
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40N’z Dy
qe = —— < 400D, (2.16)

(Pile toe embedded in homogenous cohesionless soil)
where the variables are (Hannigan et al., 1998):

q=Unit toe resistance.
N',= Average corrected SPT N’ value for the stratum overlying the bearing stratum.

N'g=Average corrected SPT N’ value of the bearing stratum.
Dy =Pile embedment depth into the bearing stratum.
b = Pile diameter

Limiting factors are placed upon ¢, and they are:
qr= 400N’ z(for sand and gravel) (2.17)

q:=300N’ z(for silts) (2.18)

2.4  Static and Dynamic Pile Testing
The ultimate capacity of a pile determined using static capacity analysis is only as
good as the subsurface investigations and the engineer’s understanding of the local soil
behavior. By performing dynamic pile testing and static load testing, the calculated

capacity can be verified with greater certainty.

2.4.1 Static Load Testing

It is widely accepted that a properly performed static load test will yield the most
accurate capacity of any given capacity analysis. Though the results of the test are the
most accurate, the tests are generally only used if they are deemed cost-effective due to

the relative high cost of performing the test compared to dynamic load tests.
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A static load test provides the amount of elastic compression the pile endures
while loaded, a measurement of pile displacement, and an accurate means of measuring

the applied load. An example of a typical static load test set up is provided in Figure 2.4.

Reaction Beam Stiffeners

Plate
Load Cell =——

Spherical Bearing

Ram
Hydraulic Jack —— ?— Bourdon Gage
]

LVDT

Dial Gage
Stem Reaction Plate L Bracket Altached to Pile
Mirror — WNire

|t

Grade

NANZNNNNZ NN NOANSZANNNZN

=~ Test Pile

e

Figure 2-4 Typical arrangement for applying load in an axial compressive test (Kyfor et al. 1992)

As illustrated in Figure 2.4, the applied load is transferred from a reaction frame
through a hydraulic ram. A measurement of the load being transferred is monitored by a

dial gage and LVDT while the use of strain gages and tell-tales provides the quantity of
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the load which is transferred to the shaft and toe of the pile. The displacement
(deflection) of the pile head is then plotted with a corresponding load and a failure
criterion is applied based upon the elastic deformation of the pile. It is noted that the
definition of failure used for all static load tests reviewed in this study was the Davisson
failure criterion which is the recommended criteria by AASHTO (1992) and Kyfor et al.
(1992).

The application of a failure criterion establishes a failure envelope based upon the
elastic deformation of the pile. The failure criteria line is plotted at the determined
distance from the elastic deformation line, Kyfor et al. (1992) recommends a value of
D/30 where D is the pile diameter. The point at which the load-deflection curve crosses
the failure criteria line indicates the ultimate capacity of the pile. A typical static load test
result illustrating the use of an elastic deformation line, failure criteria and load-

deflection curve is shown in Figure 2.5.
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Figure 2-5 Typical Static Pile Load-Movement Results (Hannigan et al., 1998)

Static load tests can also provide a sense of the pile behavior in regards to if it is

being supported by shaft resistance or toe resistance (Briininghold, 2004).

2.4.2 Dynamic Pile Testing
Dynamic pile testing can be defined as a measurement of strain and acceleration
at the pile head as a pile is driven by a pile driving hammer in which the measurements
are used to evaluate the pile driving system, pile integrity, static pile capacity and soil
resistance distribution along the pile (Hannigan et al., 1998).
Force and acceleration data is typically measured by means two sets of strain
gauges and accelerometers mounted at the pile head and correlated to pile capacity by

means of a pile driving analyzer (PDA). The PDA consists of a software suite which
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allows the operator to input the pile hammer parameters, which in turn, analyzes the static
capacity of the pile for each blow of the pile based upon the transferred energy from the
hammer to the pile. The major advantage of this widely used method is that it provides
real time estimates of static capacity to the operator. However, this method is not the
most accurate means of predicting capacity as it does not take into account soil strength
parameters.

It is widely accepted that the use of the Case Pile Wave Analysis Program
(CAPWAP) is the most reliable means of determining the static capacity of a pile through
dynamic testing. The major advantage of CAPWAP is that it provides the resistance
distribution, providing an assessment of the toe and shaft capacities. CAPWAP utilizes
the PDA force and velocity measurements from one blow of a pile driving hammer to
perform an iterative curve fitting technique where the pile response determined in a wave
equation model is matched to the measured response of the actual pile for a single
hammer blow (Bradshaw et al., 2004). The wave equation analysis is modeled after a
continuous pile segments and the soil resistance modeled by elasto-plastic springs and
dashpots representing static and dynamic resistance, respectively. Once estimates of the
soil resistance distribution are made, the program develops an equilibrium head force
wave which is then compared to a PDA determined force wave. Because the waves will
not agree initially, the soil model assumptions are continually adjusted until the two
waves match. Possible errors in using the CAPWAP program include (Rausche et al.,
1985):

1. Capacity is not fully mobilized at the time wave velocity is measured.

2. The impact energy is insufficient to mobilize all soil resistance.
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3. The predicted capacity can change due to pile set up or relaxation.

As a way of correlating static and dynamic pile test data, damping factors, J, were
proposed by Rausche et al. (1985). The notion behind developing a damping factor was
to equate the velocity component of the dynamic load data set to static capacity. This was
accomplished by determining the R of 69 piles and then correlating the values to the
CAPWAP data through an empirical means illustrated in the study. Of the 69 piles, 49
piles were close end piles, 15 were prestressed concrete, 10 were timber and 3 were H-

piles. A table of proposed J values is shown in Figure 2.6.

Soll type in bearing strata Suggested range, j, Correlation value, j,
(1) (@) (3)

Sand 0.05-0.20 0.05

Silty sand or sandy silt 0.15-0.30 0.15

Silt 0.20-0.45 0.30

Silty clay and clayey silt 0.40-0.70 0.55

Clay 0.60-1.10 1.10

Figure 2-6 Proposed Values of Damping Factors Used in CAPWAP Analysis, (Rausche et al.,1985)

It was also determined by Rausche et al. (1985) that low damping values, 0.0-0.2,
indicated very low toe velocity subsequently reducing the effects of the damping values
on the equation governing the CAPWAP static capacity value. Conversely, as toe
velocity increased, as did the sensitivity to the selected damping value. It is then implied
that if there is a significant range of unit weights and friction angles in a particular strata,

the accuracy of the static capacity values determined using CAPW AP possibly decreases.
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2.5 Possible Mechanisms Leading to Reduced Capacity of Piles

In addition to the phenomenon of dilation in dense sands resulting in reduced
shear strength, there exist other mechanisms that may affect shear strength to include
arching, liquefaction and friction fatigue. The literature available concerning the
mentioned methods of failure is not extensive. Furthermore, the literature available on
these phenomena only provide recognition that the phenomena exists and do not directly

provide correlations to the reduced pile capacity noted during the studies.

2.5.1 Liquefaction

Liquefaction can be defined as an undrained phenomenon which occurs
during cyclic loading, typically earthquakes, and results in the transformation of a solid
soil into a liquefied state. Referring specifically to saturated cohesionless soils, this
phenomenon occurs when soils undergoes cyclic loading in such a manner to produce a
tendency of densification, which, in turn, increases the pore water pressure. If the pore
water pressure does not dissipate, which can be the case during rapid loading, the
pressure builds up to a point the effective stress is equal to zero and the soil loses its
strength (Seed & Idriss, 1982; Kramer, 1996). According to Terzaghi et al. (1996), the
soils most susceptible to liquefaction are cohesionless soils that have a tendency towards
contraction and have low permeability, or non-plastic silty sands containing less than 5%

fines passing through the No. 200 sieve.
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The cyclic resistance of soils can be quantified by field based methods or
laboratory test results. An example of cyclic triaxial test results on Rhode Island silts is
shown in Figure 2-7 and 2-8 (Taylor 2011).

The behavior displayed by the Rhode Island silt in regards to the hysteresis loop
indicates a decrease in stiffness and therefore an increase of energy dissipated into the
system. The results shown in Figure 2.7 indicate an accumulation of excess pore water

pressures and an increase in strain as the number of cycles increase.

Figure 2-7 Deviator stress (kPa) with axial strain (%) hysteresis loop from a stress controlled cyclic triaxial test
for a Rhode Island silt, Taylor (2011).
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Excess pore pressure ratio

Number of cycles

Figure 2-8 Pore pressure increase from a stress controlled cyclic triaxial test for a Rhode Island silt, Taylor
(2011).

It can be derived from Figures 2.7 and 2.8 that as the material is cyclically loaded
under undrained conditions in the field, there exists the potential for liquefaction due to
the decreased stiffness and increased excess pore water pressures. Though it can be
assumed the soil liquefies during pile driving, it is unclear whether or not the soil retains

the same friction angle after it transitions from the liquefied state.

2.5.2 Arching

Arching can be defined as a circumferential mechanism which develops during
pile driving in dense marine soils that limits the immediate amount of radial stress acting
upon a pile shaft. This effect has been predicted to recede over time, allowing for
significant increase not only in strength, but also in stiffness and dilation (Chow and
Jardine, 1998).

The mechanism of arching has been determined to occur in cohesionless material
as a result of the pile tip of a cyclic driven pile compressing the soil beneath it and at

some lesser degree, the soil at some immediate distance from the tip (Vesic, 1963). As
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the pile continues to be driven, the soil at the pile-soil interface is pulled in a downward
motion and can be considered loose, or less dense than the surrounding soil. As a result,
the actual shaft capacity is likely to be lower than the predicted shaft capacity due to
decreased horizontal effective stresses (effective radial stress) at the interface despite
higher stress values (hoop stresses) in the surrounding soil. It can also be assumed that
lower effective radial stresses at the interface are in a sense “locked in” by the higher
stresses in the surrounding soil (Chow and Jardine, 1998). Figure 2.9 illustrates the

arching effect.

Hoop stress O',

Radial stress o',

"Sleeve" of loose sand

Figure 2-9 Arching Mechanisms around Pile Shaft (Chow and Jardine, 1998)

A study of this mechanism conducted by Chow and Jardine (1998) concluded that
though shaft resistance is initially reduced, an 85% increase in shaft capacity is was noted
to occur between 6 months to 5 years for open-ended piles driven into dense marine
cohesionless soil (the piles used for this study met the plugging criteria, therefore it can
be assumed the same increase in shaft resistance will occur for concrete piles under
similar driving and soil conditions). Initially it was speculated that a change in the

geologic conditions (increase in tidal pore pressure) in the area of the test piles was the
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cause of the increased pile capacity, however, upon further study it was deduced that sand
creep was the likely component as the changes in tidal pressure was not significant
enough to cause such a noted increase in capacity. Sand creep was concluded to be the
cause as it could lead to a reduction in dilation caused during pile driving, thus reducing
the arching mechanism and increasing the radial stress acting on the pile.

Though the study conducted by Chow and Jardine (1998) provides valuable
insight into a potential cause of overestimating the initial capacity of piles cyclically
driven into dense marine sands, a correlation to initial reduction in capacity was not
provided. However, it is noted that the capacity of the piles studied was calculated by 5
groups of researchers using 5 different methods. The average value of calculated
capacity, Q., to measured capacity, Qy,, was found to be 1.6, indicating that the initial

capacity of the piles was 40% less than the predicted value.

2.5.3 Friction Fatigue

Friction fatigue can be defined as a reduction of mobilized horizontal effective
stress due to cyclic loading during pile driving operations in sand which results in a
reduction in shaft resistance (White & Lehane, 2004). This phenomenon has been
produced and measured by several researchers through the testing of monotonic and
cyclically installed model and instrumented piles.

The phenomenon of friction fatigue of piles driven in sand was first presented by
Vesic (1970), though the term friction fatigue had not been coined yet. During his
analysis of the phenomenon, Vesic (1970) states that bearing capacity is primarily

dependent on three variables: the coefficient of lateral pressure dependent on friction
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angle and relative density (K;), bearing capacity factor based upon friction angle and
relative density (Ng) and the coefficient of friction between the soil and pile ().
According to the author, these factors will affect the unit resistances in sand
proportionally in a linear fashion. However, as he points out, anomalies affecting strength
and unpredicted scale effects have occurred during testing of piles which could not be
explained by the theories of the time.

Vesic’s (1970) publication is focused on the results of two piles tests conducted at
the Georgia Institute of Technology and at the Chevreuse Test Station near Paris. The
testing involved measuring the shaft and toe capacities of driven, jacked and buried large
scale piles. The findings of both tests, completed between 1960 and 1965, indicated toe
and shaft resistance of piles in sand increases linearly with depth, but only to a certain
point which was initially determined to be a function of arching. Because the arching
phenomenon could not be fully explained and due to the ultimate loads of the shafts of
the piles varying somewhat significantly in tension and compression, Vesic (1970)
believed there was the possibility of a scaling error leading him to doubt the conclusions
of the report. As a result, Vesic (1970) attempted to reproduce the Georgia Tech study
using larger instrumented piles at the site of the Ogeechee River Bridge located
approximately eighteen miles west of Savannah, Georgia. Boring logs taken at the site
indicated medium dense to dense sand, similar to the composition of sands of the Georgia
Tech study.

Two test piles were used for the study were an 18 inch diameter closed pipe pile
and a 16 inch square PPC. The pipe pile measured 51.5 feet in length, the PPC 55 feet in

length and both were driven by a diesel hammer to a depth of approximately 50 feet. The
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pile displacements were measured for both piles during driving and the axial pile loads
were measured for the pipe pile through 6 strain gages installed at near equal spacing
along the pile. The pipe pile was driven and load tested in 5 stages at corresponding
depths of 10, 20, 30, 40 and 50 feet. The results reasonably compared to early tests in that
the linear relationship between resistance and depth ceased at a certain depth. The depth
at which this occurred was determined to be between a depth of 10 and 20 pile diameters.
This relationship was developed Vesic (1970) by plotting shaft resistance with
depth at each stage of testing. The shaft resistance distribution displayed parabolic
behavior, as shown in Figure 2.10, and indicated shaft resistance was concentrated
towards the upper portion of the pile for shorter piles and more towards the pile toe in

longer piles.

Skin friction, ton/ft*, increments of 0.5

Depth of pile, ft, increments of 10

L_

Figure 2-10 Distribution of Skin Friction Along Pile Shafts (Vesic, 1970)
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Many other studies have since been conducted to determine the characteristics of
friction fatigue, the most influential completed by Chow & Jardine (1996) in which the
effective horizontal stress (o ;) was measured for both monotonic and cyclic driven piles
in sand outfitted with horizontal stress sensors. The focus of studying o'}, was not only
to provide soil behavior characteristics, it was also required in order to interpret model
pile test results. The results of the tests showed ;s profiles corresponded to cone
penetration test (CPT) end resistance profiles (g.) indicating that ¢’ was a function of
the in situ sand state. For each pile, three of the previously mentioned horizontal stress
sensors were installed at a distance (/) from the pile toe and was normalized by dividing
h by the pile diameter (D). This term 4/D was then utilized to account for friction fatigue

effects in the equation developed by Chow & Jardine (1996):

/ 0.12 -0.38
1= 0.029q, | —2 (ﬁ) (2.19)
o hs " qC Patm R "
where:

o'ps=Effective horizontal stress.

q. =CPT end resistance

o',= Vertical effective stress.

P+m= Atmospheric pressure.

R= Pile radius.
h=Distance from the pile toe.

A study conducted by White & Lehane (2004) focused on the Jardine & Chow
(1996) results showed a reduction of available shaft resistance at a given soil layer during

installation and during cyclic loading was more related to the number of cycles

experienced at a specific point, indicating the Chow & Jardine non-dimensional h/D
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value was less reliable when determining o',5. Due to this inference, White & Lehane
conclude monotonically driven piles should provide more shaft resistance than cyclically
driven piles.

Gavin & O’Kelley (2007) conducted similar pile tests on cyclically and
monotonic driven model piles, however, the tests differed in that their tests included the
application of working loads to the monotonic driven piles after the piles were placed at
depth. The results of the test indicated that, indeed, the monotonic driven piles
experienced greater levels of ¢ than cyclically driven piles at the same depths,
however, the values between the two types of piles was “indistinguishable” after just a
few working load cycles were applied. The findings of this study would allow for the
removal of the /D term from equation 2.15, which would indicate o'}, is a mostly a

function of ¢. as there is not a term correlating the number of cycles to reduced o';.

2.5.4 Pile Relaxation

It is commonly accepted the act of pile driving in sands causes the sand to
displace and remold along the pile shaft. During this process it can be assumed the sands
are disturbed resulting in the generation of positive pore pressures, especially at large
strains. This increase in pore pressures will decrease the effective stress in the vicinity of
the pile shaft, leading to a reduction in resistance to the pile. The rate at which the pore
pressures dissipate (increasing effective stress) can be correlated to increased shaft
resistance and is a function of the permeability of the sand. In rare instances, sands have
displayed dilative behavior leading to negative pore pressure generation which has been

shown to significantly decrease effective stresses resulting in decreased capacity over
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time. (York et al., 1994; Thompson et al., 1985). This behavior is referred to as pile

relaxation and the conditions leading to this phenomenon are illustrated in Figure 2.11.
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Figure 2-11Conditions Leading to Relaxation (York et al, 1994)

Pile relaxation due to dilation has been observed in dense, saturated, fine grained
soils including non-cohesive silts, fine sands, and some types of shale. In these observed
cases, it was assumed the pile driving process caused the dense soil in the vicinity of the
pile toe to dilate, creating “suction” or, in other words, negative pore pressures.
Consequently, the negative pore pressures increase the effective stresses on the pile

providing a temporary increase in shaft resistance and driving resistance. As water is
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“sucked” into the dilated voids of the material, the effective stresses decrease, thus
reducing the shaft capacity of the pile in the long term. (Hannigan et al., 1998)

A case study performed by Thompson et al. (1985) focused on pile relaxation in
the glacial bearing deposits commonly encountered in southern Canada and north-eastern
United States. The piles studied were close end pipe piles and H-piles driven in the
Bayfront area of Toronto, Canada, where, as the authors point out, pile relaxation was not
uncommon.

The subsurface conditions in the vicinity of the piles studied included a silty sand
layer of 20-33 feet to shale bedrock which contained layers of limestone. Borings
disclosed that weathered shale seams were present immediately below the limestone
layers. Pile relaxation at two different sites occurred where a Penetration Resistance
Equivalent (BOR/EOID) reduction ranged from 24% to 68% (H-piles) at one site and
30% to 80% (pipe piles) at the other.

H-piles have an inherently lower nominal contact stress than high displacement
piles. This is pointed out because a common solution to overcome, or at least reduce, the
observed pile relaxation in the Bayfront area was to specify H-piles in a contract which
required deep foundation support. It was also noted that multiple restrikes over a period
of time are common in the Bayfront area to ensure design capacity is met.

York et al. (1994) conducted a case study on observed relaxation of grouped
monotube piles in glacial sands where a 30% reduction in capacity was noted. The

driving record indicating this reduction is shown in Figure 2.12.
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Figure 2-12 Driving Record from York et al. (1994)

The pile relaxation was attributed to the cumulative effects of driving piles in
close proximity to each other resulting in the “progressive” densification of the
surrounding soil. The densification together with the increase in lateral ground stresses
resulting from soil displacement were determined to increase the resistance to pile
penetration. Resistance to penetration was observed to subside as much as 80 blows per
0.3m. It is also interesting to note the amount of time required for the maximum value
set-up capacity of the monotube piles driven in glacial sands was between 15 and 25

days.
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As such, it can be concluded from the results of both case studies that pile
relaxation should be accounted for when driving large displacement piles in dense glacial

till and non-plastic silty sands.
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3. PROJECT BACKGROUND

This section provides an overview of the construction of the Jamestown
Verrazzano Bridge to include a synopsis of the contract requirements regarding the test

pile program. The test pile performance will be discussed in detail in Chapter 5.

3.1 Location and Description

The Jamestown Verrazzano Bridge is a four lane segmental concrete box-girder
bridge supported by piers founded on bedrock. The bridge spans 7400 feet of the West
Passage of the Narragansett Bay, just a few miles north of the southern coast of Rhode
Island. The bridge carries RI-138 from North Kingstown to Conanicut, allowing RI-138
to connect to the Pell Bridge which spans the East Passage of Narragansett Bay. The
bridge was constructed approximately 400 feet to the north of the Jamestown Bridge and
served as its replacement. The Jamestown Bridge was built in the 1940’s and supported
only two lanes of traffic. The location of the Jamestown Verrazzano Bridge is shown in

Figure 3.1. (Anderson, 2006)
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Narragansett Bay
West Passage

Southern Coast of Rhode Island

Figure 3-1Map of Narragansett Bay and Location of Jamestown Verrazzano Bridge (taken from Google maps)

Coming from the west, the bridge is supported by a 2400 foot Trestle Approach
which transitions to the 2000 foot West Approach, shown in Figure 3.2, then a 1400 foot
Main Span and lastly a 1600 foot East Approach. The initial contract called for the
Trestle Approach and West Approach to be supported by pre-stressed concrete friction
piles (Davisson, 1988). The depths to which the friction piles were to be driven ranged
from 90 to 105 feet below Mean Sea Level (MSL). These depths corresponded to

elevations of 50 to 100 feet above bedrock.
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Figure 3-2 View of the Jamestown Verrazzano Bridge from the West (www.flickr.com)

3.2 Parties Involved

Construction of Jamestown Verrazzano Bridge was approved in May of 1981 and
the Rhode Island Department of Transportation selected the design firms by December of
the same year. Sverdrup & Parcel and Associates (SPA) were selected as the managing
consultant, Gordon R. Archibald, Inc. (GRA) as the trestle designer and T.Y. Lin
International (TYL) as the West Approach, Main Span and East Approach designer. TYL
subsequently hired Lee and Praszker as geotechnical consultants.

The contract to construct the Jamestown Verrazzano Bridge was awarded to
Clark Fitzpatrick, Inc. and Franki Foundation Co. (CFF) in June of 1985 who offered the
lowest bid at $63.4 million. The firm Daniel, Mann, Johnson and Mendenhall (DMJM)

was hired in 1986 as the construction manager. CFF hired Goldberg-Zoino and
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Associates (GZA) as their geotechnical consultant engineer while RIDOT hired M.T.
Davisson as their geotechnical consultant engineer. Construction of the bridge began in

April of 1986 and was completed in October of 1992.

3.3  Overview of the Test Pile Program

The contract called for five test piles, four of which were pre-stressed concrete
piles, the other a steel H-pile. The four pre-stressed piles were to be driven in the Trestle
and West Approach Areas while the steel H-pile was to be driven in the Main Span Area.
The lengths of the pre-stressed concrete piles along with the required capacities and size

are shown in Table 3.1 and the locations of the test piles are shown in Figure 3.3.

Table 3-1 Required Test Pile Capacities and As-Built Dimensions

Required Capacity Length Width

Test Pile (tons) (ft) (in)
WATP-1 340 123 20 x 20
WATP-2 340 120 20 x 20
TTP-1 330 110 24 x 24
TTP-4 330 110 24 x 24
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Figure 3-3 Location of Test Piles (After Lee and Praszker, 1983)

In correspondence dated February 29, 1984 (Lee and Praszker, 1984),
approximately 15 months prior to the test pile program being initiated, Lee and Praszker
noted that the pile tip elevations for the Trestle and West Approach area were all -100
feet in elevation and that the depth appeared to be selected due to poor soil conditions in
the western portion of the Trestle Area. The consultant suggested to TYL that the pile tip
elevation for the eastern part of the Trestle Area be reduced from -100 feet to -85 feet and
the West Approach pile tip elevations be reduced to -90 feet on the western section and -
95 feet in the eastern section due to better soil conditions. The consultant’s
recommendations were based upon the available test borings.

Conversely, in a correspondence dated December 11, 1985, GZA (GZA, 1985)
determined that the West Approach Test Piles (WATP) 1 and 2 were to be driven into
pockets of silt and predicted high blow counts (in excess of 10 blows per inch) in that

material suggesting the test pile resistance would not be fully mobilized. As a result,
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GZA assumed there was a great possibility the test piles would need to be driven to
depths greater than the contract drawings then required (-90 for WATP 1 and -95 for
WATP 2). GZA’s recommendation to bolster their prediction of insufficient pile capacity
was to extend the length of the test piles to allow for an additional 20 feet of penetration.
CFF agreed with the recommendation, forwarded the recommendation to RIDOT, who
then accepted the change (RIDOT correspondence, 1986) and directed CFF to increase
the test pile length by 20 feet. The dimension of the test piles, as shown in Table 3.1,
reflect the final lengths of the test piles.

The initial test pile program began in April of 1986. It was observed during the
test pile program that the pre-stressed concrete piles were not reaching their required
ultimate capacities at the required design depths. Accordingly, CFF drove all but WATP
1, which was damaged prior to reaching the design depth, well past their design depths
after adding splices ranging from 30 to 68 feet. WATP 1 was abandoned and later
replaced with a composite test pile.

Dynamic load testing was performed on each pile using Pile Driving Analysis
(PDA) which was further analyzed at the End of Driving (EOD) using CAPWAP.
CAPWAP results indicated that each pre-stressed concrete test pile had not reached the
required ultimate capacities. Static load tests (SLT) were also performed on each pre-
stressed concrete test pile which showed that only Trestle Test Pile 4 (TTP 4) met the
required ultimate capacity. A comparison of the CAPWAP and SLT results are shown in

Table 3.2.
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Table 3-2 Results of Static Load Tests and CAPWAP analysis

Required Capacity  Static Load Test CAPWAP Capacity

Test Pile (tons) Results (tons) (tons)

WATP-1 340 83 135

WATP-2 340 240 211
TTP-1 330 180 308*
TTP-4 330 520 227**

* CAPWAP analysis performed two months prior to
static load test

** Restrike performed 3 days after static load test

High blow counts were encountered during the driving of WATP 2, on the
order of 26 to 30 blows per inch, near and up to elevation -141 feet. It was observed the
pile hammer was operating at full throttle, which prompted GZA to inform CFF of a
potential of pile damage as well as pile hammer damage. In the same correspondence
dated May 22, 1986, it was stated by GZA that increased pile capacity may be realized
(pile set-up) and recommended a re-strike prior to the static load test scheduled for June
of 1986. Furthermore, GZA stated that if the pile did not obtain the required capacity they
would recommend an alternate pile type be considered. CFF, taking into consideration
GZA’s recommendation, performed the re-strike and increased the pile hammer weight in
order to increase drivability (the heavier hammer was subsequently used to drive the
remaining test piles, TTP 1 and TTP 4).

Upon completion of WATP 1 and WATP 2 installation RIDOT, CFF, GZA,
DMJM and Federal Highway Administration (FHWA) representatives met on sight in

May of 1986 to discuss the preliminary results of the dynamic and static load tests. The
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meeting minutes indicated all parties discussed a need for additional exploratory
procedures to determine the cause for the low ultimate capacities of the two test piles

(RIDOT Correspondence, 1986). Exploratory procedures discussed included:

- Driving of test probes to find resistance.

- Perform 200 gradation tests on specific samples of test bore material.

- Perform cone penetrometer testing in the field at selected pier locations.
- Perform additional test borings at the test pile locations.

- Installation of additional test piles between WATP 1 and WATP 2.

Following the meeting, RIDOT directed CFF to provide an estimate to perform the 200
gradation tests in addition to performing 20 cone penetrometer tests. According to the
documentation provided to the University of Rhode Island, none of the recommendations
were carried out. It is noted additional borings were taken in the vicinity of the Trestle
and West Approach Areas in October of 1987, however, the primary purpose of the
borings was to determine the depth of bedrock.

In August of 1986, RIDOT determined that due to the failed pile load tests for
WATP 1 and WATP?2, it was apparent that the contract specifications requiring the piles
be driven in one length could not be met. As such, alternatives to the initial design were

developed by RIDOT in a memo dated August 8, 1986:

- Increase the weight of the driving hammer by 32,000 Ibs in order to increase
drivability.
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- Substitute steel H-piles for the pre-cast concrete piles and have them driven to
bedrock and have an ultimate capacity of 400 tons.

- Reduce the ultimate design load of the pre-stressed concrete piles to a
maximum capacity determined by future load testing of un-spliced piles. If
this alternative were selected, an estimated 100 additional piles would be
required.

- Use composite steel and pre-stressed concrete piles (instead of precast
concrete piles) to be driven to bedrock and have an ultimate capacity of 400
tons.

- Substitute un-spliced 24 inch pre-stressed concrete piles for the 20 inch piles
if it was determined the larger piles could provide the required 340 ton
ultimate capacity.

Installation and testing of TTP 1 and TTP 4 began in October of 1986, in
accordance with the initial contract specifications and drawings, and completed in
February of 1987. As previously mentioned, the piles required splicing and were driven
to depths well beyond the design depths in order to attain the required ultimate capacity.
Despite this, only TTP 4 mobilized the required ultimate capacity. The initial test pile

program was considered satisfactorily completed by RIDOT in August of 1987.

34 Contract Termination

Due to the results of the test pile program producing a need for a pile re-design in
addition to contracting issues beyond the scope of this case study, an agreement to
terminate the contract between CFF and RIDOT occurred in February of 1988. In January

of 1989 the contract was put out for rebid and was awarded in June of the same year at a
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cost of $101.5 million. Work resumed on the Jamestown Verrazzano Bridge in
September of 1989. The total cost to construct the bridge was $161 million, which was

significantly greater than the original contract cost of $63.4 million.

45



4. SITE DESCRIPTION

Five investigations were conducted as part of this thesis to determine the soil
stratification, soil classification and depth of bedrock in the vicinity of the proposed site
for the Jamestown Verrazzano Bridge. These included a review of the geology of the
area, seismic reflection data conducted in the west passage of Narragansett Bay in the
1970s, geotechnical borings and laboratory testing conducted as part of the bridge
contract, additional geotechnical borings conducted at the site following the failure of the
test pile program, and laboratory testing performed at URI in 1987 on soil samples from

the site. Each of these investigations are summarized below.

4.1 Narragansett Bay Geology

Narragansett Bay has experienced at least one period of glaciation, the last
one known to be during the Wisconsin period which ended approximately 10,000 years
ago. During this time, the entire state of Rhode Island was covered in glacial ice several
thousand feet thick. As the ice sheet moved southward, the existing soil and rock were
scraped down to the bedrock, with the ice sheet carrying the soil and rock until it melted.
As the ice sheet melted, the deposits of soil and rock were re-deposited throughout the
state overtop the exposed bedrock. (Baxter et al., 2005).

Approximately 20,000 years ago, melting ice formed a fresh water lake covering
an area larger than the current size of Narragansett Bay. The soils found in Narragansett
Bay today that were deposited during this time consist of sands and inorganic silts and

are commonly referred to as outwash deposits. The outwash deposits throughout Rhode
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Island can be made up of thick layers of silts overlain by gravelly sands. These layers of
silts and sand have been observed to be as much 50 to 150 feet thick in the areas of
Providence, and more importantly, North Kingstown, which is in the vicinity of the

Jamestown Verrazzano Bridge (Baxter et al., 2005).

4.2  Continuous Seismic Reflection and Bathymetric Survey

An initial part of the site investigation for the project consisted of a continuous
seismic reflection survey and a bathymetric survey conducted by the Graduate School of
Oceanography (GSO) at the University of Rhode Island (URI) in conjunction with Guild
Drilling Company. A technical report analyzing the seismic profiling was completed by
URI in April of 1979 (McMaster, 1979) and furnished to Wilbur Smith and Associates.
The purpose of the surveys was to determine the morphology of the bottom surface, the
configuration and depth of the bedrock surface across the West Passage and thickness of
the overburden covering the bedrock (McMaster, 1979).

Two tracklines were specified for the seismic reflection and bathymetric survey
which were located 300 feet north and parallel to the existing Jamestown Bridge, and 300
feet south and parallel to the Jamestown Bridge. The trackline to the north was
designated A-A’ and will be the only trackline referred to in this study due it being the
trackline closest to the actual site of Jamestown Verrazzano Bridge (which was
constructed approximately 450 feet north and parallel to the centerline of the Jamestown
Bridge). The location of the trackline is shown in figure 4.1 which also indicates depth to
bedrock. Also shown on Figure 4.1 are the estimated depths to bedrock along the

trackline.
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Figure 4-1 , Estimated Depth to Bedrock Based on Seismic Reflection Surveys (McMaster, 1979)

The purpose of the seismic survey was to determine the depth of bedrock and soil
stratification, so the results of the two tracklines will not be compared. The bathymetric
profile along section A-A’ indicated a range in water depths between 7 and 25 feet on the
west approach and between 5 and 15 feet on the east approach. The profile also showed
the slopes from the west and east converged on a “V” shaped valley with a depth of
approximately 75 feet.

The sound signals produced from the seismic survey along trackline A-A’
were recorded and processed at URI. It was noted there was some difficulty in

determining the sound velocities of the sediment deposits lying above the interpreted
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position of the bedrock due to numerous multiple reflections, reverberations, and bubble
pulses. Therefore, the resolution was not sufficient enough to provide details of the
stratification or match the velocities to the sediments obtained in the boring data provided
by Guild Drilling Company. As a result, not a single sediment velocity could be
determined.

Because of the multiple issues concerning the reliability of the seismic profile, the
data were compared to other high resolution seismic profiles. The results of the
comparison indicated the sediment overlying the bedrock most likely consisted of patches
of glacial till overlain by regularly stratified sand-silt deposits, overlain by glacial
outwash, which would be expected based upon the geology of the region. Based upon this
assessment, a sediment velocity of 5,610 ft/sec was determined to best characterize the
sediment pile in the Passage. The determined velocity was used to then determine the
depth to bedrock in the Passage, which is also shown in Figure 4.1, and shows greater

depths along the western approach, as deep as 235 feet.

4.3 Boring Logs and Lab Data from 1982-1984

The geotechnical consultants, Sverdrup, Parcel and Associates (SPA), provided
two subsurface investigation reports, both of which included a boring program. The first
report included thirty borings which were drilled by Warren George, Inc. of Jersey City,
New Jersey, and assisted by Guild Drilling Co., Inc. of East Providence, Rhode Island
during August and September of 1982. The second boring program included 30 borings
as well which were drilled by Guild Drilling Co., Inc. as the subcontractor to SPA.

Drilling occurred during September and October of 1984. (SPA, 1982)
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4.3.1 Boring Log Data and Laboratory Results from 1982

The purpose of the 1982 report was to provide geotechnical data for the design of
the alternatives for the bridge replacement. The borings for the proposed site of the main
span and east approach were drilled to approximately 10 feet into bedrock. The borings
for west approach and trestle area were drilled to predetermined depths, only some of
which were drilled 10 feet into bedrock. Standard Penetration Test (SPT) data along with
soils samples were generally obtained in 5 foot intervals.

Though soil samples were obtained, the state of the soil encountered during
boring was noted to be insufficient for most laboratory tests (the contractor was only able
to extract one undisturbed sample). As a result, the laboratory program only consisted of
sieve analysis and Atterberg Limits tests which provided means of determining physical
properties of the soils through an empirical evaluation. The laboratory tests were
conducted by Goldberg Zoino and Associates, Inc..

The results of the SPA (1982) report showed three general soil strata classified as
strata I, I1, and III. Stratum IA was determined to be a mixture of very loose fine sand,
silt, sea shells and organic matter. Stratum II was determined to be a non-plastic soil
containing mostly sand and silt size particles with ranging Unified Soil Classification
System (USCS) classifications of SP, SM and ML. The density of the stratum was found
to increase with depth from a state of very loose to very dense and was therefore
subdivided into three categories; IIA (very loose to loose), [IB (medium dense to dense)
and IIC (very dense). Stratum IIIA was classified as till and correlated to a ML USCS
classification, with very dense to non-to-low plastic characteristics. The soil parameters,

as determined by SPA, are shown in Table 4.1.
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Table 4-1 Soil Parameters as Determined by SPA (1982)

Soil o' Y c' Average N Value
Stratum (deg) (pcf) (psf) (bpf)
1A 0 85 0 WOR
1A 28 100 0 2
I1B 30 108 0 17
IIC 37 120 0 65
IITA 40 130 0 113

The proposed span of the bridge was then divided into four areas for the purposes
of providing generalized soil profiles. The four areas were: Trestle (Sta 28+50 to 54+00),
North Kingstown Approach (Sta 54+00 to 73+25), Main Spans (Sta 73+25 to 88+75) and
Jamestown Approach (Sta 88+75 to 104+50), also called the East Approach, areas. The
test piles of interest in this study were located between Station 37+20 and Station 69+00,
therefore only the Trestle and North Kingstown Approach (West Approach) areas will be
discussed in detail. The SPT data taken from borings B-5, B-8, B-11 and B-15 were used
by the designers to calculate the capacity and tip elevation of the piles. The locations of
these borings are shown in Figure 4.2 and the boring logs can be found in Appendix A.
Also, the borings were taken approximately every 250 feet along the proposed track of
the bridge.

It is interesting to note that the geotechnical consultant, SPA, recommended
precast prestressed concrete piles (to include pile load tests) for the Trestle area and pile

foundations in the North Kingstown Approach area.
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4.3.1.1 Trestle Area Soil Profile

Borings B-1 through B-9 were taken from the Trestle area which was described as
having a gently sloped bay bottom from the bank to a depth of 15 feet. The bay bottom
surface material was observed to be approximately five feet of thick mud, overlaid by
stratum ITA, which varied in thickness from 5 to 25 feet with an average blow count of 6
bpf. Stratum IIB was found to underlie IIA and varied in depth from 30 feet to greater
than 100 feet. In boring B-5 it was observed that a five foot thick layer of stratum ITA
was “sandwiched” by IIB and pockets of IIA. Throughout IIB were loose pockets of sand
and silt. The average SPT N value for IIB was determined to be 30 bpf and was mostly
fine sand. Underlying stratum IIB was stratum IIC which varied in thickness from
approximately 5 feet at boring B-2 to 85 feet at boring B-9. It is interesting to note that
borings B-7 and B-8 did not contain evidence of stratum IIC above an elevation of -140
feet, indicating quite a variance in stratification. The average SPT N value for stratum IIC

was determined to be 66 bpf.

4.3.1.2 North Kingstown Approach Soil Profile

Borings B-10 through B-16 and B-29 were taken from the North Kingstown
Approach area. It was determined that the soil stratification described in the Trestle area
also applied to the North Kingstown Approach area with a few exceptions. The water
depth varied from approximately 15 feet to 25 feet. Boring B-15 indicated very dense
glacial till, stratum IIIA, overlying bedrock at elevation -190 feet. Boring B-15 also

contained a 10 foot core of the bedrock which was determined to be of good quality with
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a Rock Quality Designation (RQD) of 80%. Coincidentally, boring B-15 was the only

boring used for design purposes that contained evidence of bedrock.

4.3.2 Boring Log Data from 1984

The purpose of the 1984 subsurface investigation was to provide
additional geotechnical data for the Trestle and North Kingstown Approach areas based
upon the decision to move the proposed site of the bridge an additional 150 feet to the
north of the original site (a report of the findings was not available to the author for
analysis). Most borings were drilled to predetermined depths and core samples were not
obtained. SPT data along with soils samples were generally obtained in 5 foot intervals.
Lab tests were not performed on any of the samples by the contractor.

Borings B-50 through B-69 and B-79 were taken from the Trestle area and
borings B-70 through B-78 were taken from the North Kingstown Approach area. The
results of the borings indicated the same general soil strata classified as strata I, II, and
III. On average, the borings were taken to elevations less than the borings taken in 1982
and not taken further than strata IIC or drilled to refusal in bedrock. In both cases, an
indication of till, strata IIIA, was not recorded.

It was observed that the1984 borings show a more complex stratification in the
Trestle area, particularly at depths between -40 and -80 feet. This may be a result of the
borings being taken approximately every 100 feet along the defined baseline instead of
every 250 feet, as was the case for the 1982 borings. The location of the 1984 borings are
shown in relation to the 1982 borings in Figure 4.3. The boring logs can be found in

Appendix B.
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4.4 Boring Logs from 1987

The purpose of the 1987 subsurface investigation was to determine the bedrock
elevation. A total of 50 borings were taken, numbered D-100 through D-149.
Unfortunately, a boring plan was not available, so the locations of the borings in relation
to the proposed bridge site are unknown to the author. However, the stations of 18
borings were recorded on the boring logs and indicated depths which ranged from station
47+27 to 72+73 and indicated bedrock elevations ranging from -139 feet (MSL) to -218
feet (MSL). The mentioned borings span the area of the Trestle and North Kingstown
Approach areas and, if it is assumed the borings were taken in the vicinity of the
proposed bridge site, the bedrock elevation depths compare well to the bedrock elevation
depths of the McMaster (1979) survey.

Had a boring plan been available, the contractor that performed the drilling, C. E.
McGuire Inc., only collected SPT data near bedrock depth. Therefore, the subsurface
investigation would not have been as relevant to the reduced pile capacity issue as the
SPA(1982) and SPA(1984) subsurface investigations as they provided SPT data which
could be correlated to shaft resistance. Furthermore, the test piles in the Trestle area and
North Kingstown Approach are were initially to be friction piles so the depth to bedrock
would only have been significant had the 1987 subsurface investigation indicated
bedrock was at elevations much higher than was indicated in the McMaster (1979)

survey.
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4.5 Soil Testing and Analysis from 1988-1989

The University of Rhode Island provided soil testing and analysis in two phases

for RIDOT and the Maguire Group, Inc., which provided physical and shear strength

properties. The testing and analysis program was conducted on four soil borings from the

supplementary boring log program conducted in 1987 and were provided by the Maguire

Group, Inc. The testing program included USCS classification, direct shear tests, vane

shear, consolidation tests, permeability tests, CD triaxial tests and CU triaxial tests. A

summary of the soil classification and averaged strength parameters (determined from

direct shear tests) are shown in Table 4.2. Of the four borings, 11 Shelby tubes were

provided and the boring, station and depth corresponding to each Shelby tube is shown in

Table 4.3.

Table 4-2 Summary of URI Soil Testing and Analysis Results (after Silva et al., 1988)

Material o' o' 0 - @' p Y
Category (deg) (deg) (deg) (g/cm’) (pcf) USCS Symbol
A 32.8 324 0.4 1.76 109.9 CL
B 43 28.6 14.4 2 124.8 ML
C 45.6 32 13.6 1.99 124.2 SM
C, 36.4 36.4 0 1.95 121.7 SM
D 47.1 34 13.1 1.98 123.6 SP
E 43.4 39.3 4.1 1.75 109.2 SP
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Table 4-3 Sample Tube Locations (after Silva et al., 1988)

Depth

(ft, below Material

Boring/Station MSL) Category
D-114/43+08 39.5-42.0 (O
54.0-56.5 B
71.5-74.0 E
D-129/51+48 52.0-54.0 C
62.0-64.0 D
D-136/ 57+30 71.0-73.0 D
D-145 / 68+46 32.5-34.0 C
47.0-49.0 G,
57.0-59.0 A
77.0-79.0 B
102.0-103.6 B

The direct shear results from phase I (Silva et al., 1988) of the laboratory tests
show that material category (soil stratum) A had the lowest ¢, value of 32.8 degrees and
category D the highest at 47.1 degrees. Category B had the lowest ¢’; value of 28.6
degrees and category E the highest at a value of 39.3 degrees. Categories A, C, and E
showed little to no difference between ¢’, and ¢’; though categories B, C;, and D showed
a significant difference ranging between 13.1 and 14.4 degrees. The results of the direct
shear tests for phase I indicated a wide range of volumetric behavior with categories B,
C;, D, and E showing an overall tendency towards dilation and categories C, and A

showing a tendency towards contraction. The wet bulk densities (p) were determined and
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also shown in Table 4.2. Category B showed the highest y value of 124.8 pcf whereas
category E had the lowest value of 109.25 pcf.

Additional direct shear tests were conducted in phase II (Silva et al., 1989) of the
laboratory tests with a focus on the effects of re-cycling after large strains. A series of
five tests were conducted on category C; material in which the material was re-cycled
just once. The results indicated peaking stress-strain behavior, indicative of dilative
material, during the first cycle, and contractive behavior during the second cycle. Only
one re-cylcing test was conducted on the category B, C,, and E materials, in which
similar behavior was observed. The author noted that the residual strength of the denser
materials was the same for both cycles indicating little to no degradation of strength once
the material was subjected to large deformations (Silva et al., 1989).

According to USCS classifications, soils identified as either ML or SM
contain non-plastic to low plasticity fines indicating a greater tendency for deformation.
Material category B was identified as ML and both C; and C, were identified as SM.

It is also noted that direct shear testing on non-plastic silts taken from Shelby
tubes will lead to higher shear strength values. This is due to the tendency of the soil to
display dilatant tendencies during shear, rather than contractive tendencies at an in situ

state.
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S. ANALYSIS OF THE JAMESTOWN VERRAZZANO BRIDGE
TEST PILE PROGRAM

The intent of this chapter is to provide an analysis of the data used to determine
the ultimate capacity of the piles and to assess the expected ultimate capacity based upon
the static capacity results. It is noted that the original design calculations for the Trestle

and West Approach foundations were not available to the University of Rhode Island.

5.1 PDA, CAPWAP and SLT Data

CAPWAP was used by CFF to determine the ultimate capacity of the test piles
based upon the PDA results at the End Of Driving (EOD) and Beginning Of Restrike
(BOR). The ultimate capacity values determined by PDA rarely indicated the pile had
reached the design capacity. The CAPWAP results only once indicated the ultimate
capacity had been reached, though the SLT proved otherwise. A summary and
comparison of the PDA and associated CAPWAP and SLT values will be provided for

each test pile in the following sections.

5.1.1 WATP-1

The design ultimate capacity for WATP-1 was estimated to be 340 tons at
a design elevation of -90 feet. Pile driving of the test pile began on 9 April, 1986 and was
stopped once the PDA indicated a capacity of 346 tons had been reached. A re-strike the
following day indicated possible pile set-up and an ultimate capacity of 517 tons, though

the CAPWAP analysis showed much lower capacities, on the order of 192 tons and 196
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tons respectively. A SLT was conducted on 21 April, 1986 which provided an ultimate
capacity of only 83 tons. The decision was made to splice the pile (the initial pile length
was 110 feet and was shortened to 79 feet for the purpose of conducting the SLT) and
continue to drive the pile to the design elevation of -90 feet. It is noted that after the SLT,
the PDA damping value was adjusted from 0.2 to 0.6.

Pile driving continued after a 67 foot splice was added. Two instances of pile
head damage occurred during driving, resulting in the removal of over 8 feet of pile. The
pile was eventually driven to a depth of -96 feet at which point pile driving operation
ceased due to the pile breaking (which was assumed to have broken in the area of the
splice). The pile was subsequently abandoned and eventually replaced by a composite
test pile. A comparison of the SLT, PDA and CAPWAP data is shown in Table 5.1 and
indicates the CAPWAP values predicted 63% of the PDA capacity. Conversely, the
CAPWAP value taken at BOR after the SLT was performed was 52 tons greater than the

expected failure load.

Table 5-1 WATP-1 SLT, PDA and CAPWAP Results

WATP-1
(Design elevation of -90 ft, design capacity of 340 tons)
PDA
Date Capacity CAPWAP Tip Elevation
(tons) (tons) (ft)
9-Apr-86 346 192 -71.4
10-Apr-86 517 196 -72.1
*21-Apr-86 135 -72.1
16-May-86 125 102 -72.4
**20-May-86 151 -78
27-Jun-86 180 140 -97.5

*SLT performed indicated an 83 ton ultimate capacity
**PDA data not available
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At first glance the results in Table 5.1 show evidence of pile relaxation as the
ultimate capacities determined with CAPWAP decrease with time as the pile remains at a
relatively fixed depth. However, the pile was driven an additional 25 feet at which point
the CAPWAP value is still less than half of the design capacity.

Lastly, the pile experienced two instances of pile head damage and failed at the
splice. These occurrences suggests a drivability issue with the hammer used at the time,
Delmag D36-23, was not driving the pile in a manner which allowed for the transfer of
energy of the hammer in a such a way that mobilized skin and shaft capacity without
causing damage to the pile.

It is widely accepted that if SPT blow counts exceed 10 blows per inch, the
maximum toe capacity is not being mobilized. An analysis of the SPT blow counts, taken
from the time the CAPWAP analysis was completed, and toe mobilization was
performed. The results of the analysis are shown in Figure 5.1 along with the CAPWAP
determined ultimate capacity at each BOR or EOD. Even if there was a drivability issue
with the Delmag D36-23, Figure 5.1 suggests that the full pile toe capacity was
developed as indicated by blow per inch values ranging from 3.3 to 8. Figure 5.2 shows
the depth of the pile toe when each CAPWAP analysis was performed. The figure shows
that despite the fact that the first four restrikes fully mobilized the pile toe capacity,
decreased capacity was observed. Furthermore, when the pile is driven an additional 20
feet in June, the ultimate capacity decreases suggesting evidence of a loose soil, however
the 1984 borings show the pile toe was located at a strata transition in which the deeper
strata consisted of a very dense sand/silt. It is also noted that the 1984 borings indicated a

mostly homogenous layer of medium dense sand from elevation -36 feet to -99 feet.
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51.2 WATP-2
The design ultimate capacity for WATP-2 was estimated to be 340 tons at a

design depth of -95 feet. The length of the initial pile was 120 feet. Pile driving of the test
pile began on 1 May, 1986 and was initially stopped at an elevation of -109 feet, due to
the need to splice the pile as a result of a CAPWAP determined capacity of 45 tons. Prior
to installing the splice, the pile was re-struck on 13 May, 1986, and a slight increase in
capacity was observed. A 20 foot splice was installed on 16 May, 1986 and pile driving
operations continued. At an elevation of -128 feet, pile driving was ceased due to spalling
of the pile head. The PDA damping value was then adjusted to 0.5 which corresponded to
a CAPWAP ultimate capacity of 169 tons. After repairs to the pile head were completed,
pile driving continued once again on 20 May, 1986 and was stopped at an elevation of -
140 feet which corresponded to a CAPWAP capacity prediction of 205 tons in which an
increased PDA damping value of 0.6 was used. A restrike was conducted over a month
later on 30 June, 1986 and the CAPWAP determined capacity was 211 tons. On 24 July,
1986, a static load test was performed which yielded an ultimate capacity of 240 tons.
Based on the results of the static load tests for both WATP-1 and WATP-2 it was agreed
upon to increase the size of the hammer in August of 1986. This determination was made
due to the predicted need to drive the remaining piles to depths well beyond the design
depths requiring a more efficient hammer (CFF and RIDOT correspondences, 1986). The
Delmag D46-23 was subsequently used by the contractor to conduct a restrike on 24
September, 1986. The results of the re-strike yielded a CAPWAP determined capacity of

149 tons.
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A summary and comparison of the SLT, PDA and CAPWAP data is shown in
Table 5-2. The CAPWAP values compared well to the PDA results up to the first
restrike, however, afterwards the values varied as much as 48%. Because a restrike was
not performed after the SLT, a direct comparison to the CAPWAP predicted capacity
cannot be made. It is noted, however, that the CAPWAP capacity values determined on
30 June and 24 September indicate either pile relaxation or a lack of pile toe capacity

mobilization.

Table 5-2 WATP-2 SLT, PDA and CAPWAP results

WATP-2
(Design elevation of -95 ft, design capacity of 340 tons)
PDA
Date Capacity CAPWAP Tip Elevation
(tons) (tons) (ft)
1-May-86 35 45 -109
13-May-86 79 70 -110.2
16-May-86 278 169 -128
20-May-86 160 205 -140.5
30-Jun-86 280 211%* -140.6
24-Sep-86 284 149 -141.4

*SLT performed on 24 July 1986 indicated a 240 ton
ultimate capacity

An analysis of ultimate pile toe mobilization was conducted and the results are
shown in Figure 5.3 which indicates that after the second restrike further restrikes did not
sufficiently mobilize the toe capacity. Decreasing CAPWAP capacity values over time
indicate pile relaxation, however, the SLT value of 240 tons would indicate neither set up
or relaxation considering the SLT capacity is only slightly greater than CAPWAP

capacity values at nearly the same elevation as shown in Figure 5.4.
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Furthermore, the 1984 boring logs indicated the soil stratum from elevation
-107.5 feet to the end of boring, -119.5 feet, consisted of very dense to hard non-plastic
silt with corresponding corrected average blow counts increasing from 22 to 46 at the
mentioned depths (it was assumed the stratum underlying the end of boring was of the
same soil type). The high blow counts encountered could have been a result of the build-
up of excess pore water pressures due to undrained conditions in the dense non-plastic
silts during SPT, which is also the same condition for CAPWAP. Upon dissipation of the
excess pore water pressures, the shear strength of the stratum of silt would decrease, and
could have effectively decreased the ultimate capacity of the pile.

Because the SLT capacity was greater than the CAPWAP capacity at the same
depth, it could be assumed the pile tip was bearing in medium dense sand instead of
dense non-plastic silt as a CAPWAP value obtained for a pile in dense non-plastic silt

would likely yield a higher value than the measured value.
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513 TTP-1

The design ultimate capacity for TTP-1 was estimated to be 330 tons at a design
elevation of -77 feet. Pile driving of the test pile began on 16 October, 1986, using the
Delmag D46-23 hammer, and stopped on 20 October, 1986 at an elevation of -100 feet.
An adjusted PDA damping value of 0.5 at EOD corresponded to a CAPWAP ultimate
capacity of 200 tons. A restrike was performed almost two months later on 11 December
1986 in which the CAPWAP capacity was determined to be 205 tons. The test pile was
spliced and pile driving resumed on 17 December, 1986, and stopped when the PDA
capacity value of 360 tons was achieved at an elevation of -110 feet. A subsequent
CAPWAP analysis indicated a lower capacity of 237 tons. Pile driving operations
continued the same day and after the pile was driven 6 inches, the PDA capacity value
was 460 tons, using a damping value of 0.63, with a corresponding CAPWAP value of
242 tons. A restrike of the pile was conducted on 29 January, 1987 and after the pile was
driven 1.5 inches the PDA capacity value was 340 tons, using a damping value of 0.65
and the CAPWAP determined value was 370 tons. A static load test was performed on
the pile on 17 February, 1987, which yielded an ultimate capacity of 180 tons, 170 tons
lower than the required 330 tons. A summary of the PDA, CAPWAP and SLT data is

provided in Table 5.3.
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Table 5-3 TTP-1 Soil Parameter Correlations

TTP-1
(Design elevation of -77 ft, design capacity of 330 tons)
Date PDA Capacity CAPWAP Tip Elevation
(tons) (tons) (ft)
20-Oct-86 200 200 -100
11-Dec-86 220 205 -100.1
17-Dec-86 330 237 -110
17-Dec-86 460 271 -110.5
29-Jan-87 340 370* -110.6
*SLT performed 17-Feb-86 indicating an 180 ton ultimate

capacity

An analysis of ultimate pile toe mobilization was conducted and the results are
shown in Figure 5.5 which shows three of the five CAPWAP determined ultimate
capacity values were obtained when the ultimate toe capacity was fully mobilized. The
figure also shows that with each restrike the capacity of the pile increased whether or not
the ultimate toe capacity was fully mobilized which could be expected as the pile
elevation increased with each restrike, as shown in Figure 5.6. It is also noted that even
though the ultimate toe capacity was not fully mobilized, the restrike performed on 29
January, 1987, indicates pile set-up as the previous restrike was performed more than
month before and showed a significantly lower capacity. The SLT performed on 17
February, 1987, however, shows that either significant pile relaxation occurred following
the last restrike, as indicated by a 190 ton difference in capacity, or that the CAPWAP
soil model did not accurately represent the in situ conditions.

An analysis of boring log B-54 showed that the boring was taken to an elevation
of -103.5 feet, which was 7 feet above the final elevation of the test pile. Although it may

be assumed the soil layer was homogenous at this depth , the 100 ton increase in the
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CAPWAP values (December 1986 and January 1987 values) resulting from less than 2
inches of additional penetration corresponding to a lack of ultimate pile toe mobilization
suggests the pile toe bears in dense non-plastic silt. This assumption could explain the
190 difference in the final CAPWAP and SLT ultimate capacity values as the two values

are obtained under different drainage conditions.
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514 TTP-4

The design ultimate capacity for TTP-4 was estimated to be 330 tons at a design
elevation of -57 feet. Pile driving of the test pile began on 21 October, 1986 using the
Delmag D46-23 hammer, and stopped the same day at an elevation of -105 feet. A
CAPWAP analysis performed at EOD indicated a capacity of 207 tons, corresponding to
a PDA capacity of 230 tons using a J value of 0.5. The pile was spliced and pile driving
operations continued on 13 November, 1986 until a PDA determined capacity of 556 tons
was reached. A subsequent CAPWAP analysis indicated a much lower capacity of 252

tons. Pile driving operations continued the following day and stopped prematurely due to
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mechanical problems with the hammer, at which point a CAPWAP analysis was
performed and indicated a capacity of 260 tons which corresponded to a PDA value of
212 tons using an increased J value of 0.9. Pile driving operations continued on 17
November, 1986, until the maximum pile length was driven which coincided to an
elevation of -168 feet. A CAPWAP analysis was performed at EOD and indicated a
capacity of 291 tons. A restrike was performed the following day and a CAPWAP
capacity was determined to be slightly higher at 323 tons.

A static load test was performed on 1 December, 1986, and indicated an ultimate
capacity of 520 tons which was 190 tons greater than the required capacity. A restrike
and subsequent CAPWAP analysis was performed on 4 December, 1986, and indicated a
lower capacity of 227 tons which corresponded to a PDA value of 210 tons using a
damping value of 0.7. A summary of the PDA, CAPWAP and SLT data is provided in

Table 5.4.

Table 5-4 TTP-4, Summary of PDA, CAPWAP and SLT data

TTP-4
(Design elevation of -57 ft, design capacity of 330 tons)

Date PDA Capacity CAPWAP Tip Elevation

(tons) (tons) (ft)

21-Oct-86 230 207 -105
13-Nov-86 - 188 -106.2
13-Nov-86 556 252 -111.5

14-Nov-86 212 260 -145

17-Nov-86 172 291 -168
18-Nov-86 180 291 -168.3
4-Dec-86 210 227 -168.4

*SLT performed 1-Dec-86 indicating a 520 ton ultimate

capacity
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An analysis of ultimate pile toe mobilization was conducted and the results are
shown in Figure 5.7. The figure shows only three of the seven CAPWAP determined
ultimate capacity values were obtained when the ultimate toe capacity was fully
mobilized. The figure also shows that with each restrike the capacity of the pile increased
whether or not the ultimate toe capacity was fully mobilized which could be expected as
the pile elevation increased with each restrike, as shown in Figure 5.8. Even though it
appears each restrike performed indicated pile set-up as capacities consistently increased,
the CAPWAP values do not directly compare due to the varying J values used.

Based upon the SLT performed on 1 December, 1986, it is clear that the
CAPWAP analysis does not correlate well to the actual soil conditions. This observation
can also be confirmed by the varying PDA damping values used when CAPWAP
analyses were performed as the values ranged from 0.5 to 0.9. Furthermore, the last two
restrikes performed before and after the SLT indicate pile relaxation. Though it cannot be
ruled out pile relaxation occurred, the fact that the SLT showed an ultimate capacity
almost twice the value predicted using CAPWAP, again indicates poor correlation
between the two methods.

An analysis of boring log B-67 showed that the boring was taken to an elevation
of -103.5 feet, which was 65 feet above the final elevation of the test pile (-168.5 feet).
The significant difference in CAPWAP and SLT values suggests the pile toe was bearing
in medium dense sand/silt. This assumption is made due to the observed blow counts in

excess of 20 blows per inch for the final three restrikes accomplished to obtain CAPWAP
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values which can be correlated to drained conditions and a dissipation of excess pore

water pressures leading to pile set up (increased capacity).

600

N = Qu not fully mobilized.
Y = Qu fully mobilized >

500
SLT, 1 Dec, 520 tons

z
£ 400
z
3 N
5‘ 300 Y
2 N N N
]
£
= 200 . —
= Y AY’

100

0 T T T T T T

18-Oct-86  26-Oct-86  3-Nov-86 11-Nov-86 19-Nov-86 27-Nov-86 5-Dec-86
Dates CAPWAP was performed at EOD or BOR

Figure 5-7 TTP-4 CAPWAP Determined Ultimate Capacity Values and Pile Toe Mobilization

74



Dates CAPWAP was performed at EOD or BOR

18-Oct-86 26-Oct-86 3-Nov-86 11-Nov-86 19-Nov-86 27-Nov-86 5-Dec-86
_90 T T T T T T

-100

>~
ﬁ

-110
T

-120

-130

SLT, 1 Dec 1986
-140

\
\ \

170 \‘ NJ—‘

-180

Elevation, ft (measured from MSL)

Figure 5-8 TTP-4 Pile Toe Elevation at Time CAPWAP Analysis was Performed

5.2  Static Capacity Analysis
Multiple boring logs were used in determining the static capacities of each pile for
this thesis. This section will discuss the varying soil parameters determined from the
boring log data and the ultimate capacities determined from each set of boring log data

will also be discussed and compared to the static load test determined capacities.

5.2.1 Boring Logs Used for Analysis
Static capacity analysis was performed on each pile using SPA 1982 and 1984
boring log data corresponding to each test pile location. The same SPA 1982 borings the

designers used to determine the test pile capacity (B-5, B-8, B-11, and B-15) were used in
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as a means to verify the ultimate capacities. Table 5.5 provides the boring numbers, depth
to which the deepest boring was taken, depth at which the SLT was conducted and the
distance from the test pile station. The reason the depth of the SLT is shown is that the
static capacity analysis values were determined at the corresponding depth for each test

pile in order to conduct a direct comparison.

Table 5-5 Borings Used for Static Capacity Analysis

Test Pile  Boring Depth (MSL) SLT Depth  Distance from pile

() (fH) (fH)

TTP-1 B-54 -103.5 111 20
B-5 -102 290

TTP-4 B-67 -103.5 167.25 40
B-8 -139.5 290

WATP-1 B-70 -112 71 80
B-11 -116 70

WATP-2 B-76 -119.5 141 100
B-15 -200 10

Table 5.5 shows that for TTP-1 and TTP-4 the static load test depth exceeded the
depth to which the borings available for analysis were taken. The borings used in the
analysis for WATP-1, however, were of sufficient depth and for WATP-2 only one of the
borings was of sufficient depth. It is also noted that the boring distance from the test piles

varied as little as 10 feet and as much as 290 feet.

5.2.2 Determination of Friction Angles
As mentioned in Chapter 2, the friction angles were correlated to SPT data from

the boring logs using the Peck et al. (1974) method as well as the Bowles (1977) method
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and Terzaghi, Peck & Mesri (1996). The purpose of using three different methods was to
determine the possible range of friction angle values. The Peck et al. (1974) method, as
previously mentioned, is the most widely used method of determining friction angles
based upon SPT data. Accordingly, the method was used to determine the friction angles.
The values determined using this method on average fell between the high and low values
for the three different methods used.

The friction angles determined for the layers comprised of mostly of sand
compared well to the range of accepted values, 28-42 degrees. The friction angles of
Rhode Island silt were obtained using samples from numerous sites during a study carried
out by Page (2004) where friction angle values for normally consolidated inorganic silts
where determined to range between 24 and 30 degrees. This range of values would have
been expected for the layers corresponding to URI material categories B, C; and C, as the
samples were designated as USCS categories ML or SM. Only material category B is
within the expected range, however, material categories C; and C,, as indicated by URI
lab data, have on average higher void ratios, which would explain the higher friction

angles.

5221  WATP-1

Table 5.6 shows the soil characteristics by layer as determined by SPA data, URI
lab analysis and SPT values from the 1984 boring log B-70. The SPA and URI
correlations were developed by the depth and location of the borings relative to the test
pile location. Because of the limited number of borings provided to URI for the purposes

of lab testing, very few correlations were made. With the exception of layer 1, the friction
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angles determined from the 1984 borings compared well to the SPA values which were
slightly higher on average. The URI determined peak friction angle values for layer 3

were an average of 13 degrees greater than the calculated values.

Table 5-6 WATP-1 Soil Parameter Correlations

1984 Borings URI Lab Analysis 1982 Borings
Depth (ft)
(from o' Material o' oQ'r SPA Data o'
Layer MSL) (degg N (Njp)e | Category (deg) (deg) | Correlation (deg)
1 15-36 28 3 5 1A 0
2 36-51 32 16 17 1B 30
3 51-99 33 25 22 D, C, 47,45 3432 1B 30
4 99-111 41 49 33 1IC 37

5222  WATP-2

Table 5.6 shows the soil characteristics by layer as determined by correlations to
SPA data, URI lab analysis and SPT values determined from the 1984 boring log B-76.
With the exception of layers 5, the friction angle values determined from B-76 compare
well with the SPA values. Regarding layer 5, the friction angle value determined from B-
76 is 10-12 degrees higher than the SPA determined values. The URI determined peak
friction angle values for layers 2 and 3 are significantly higher than the SPA and B-76
values.

Boring B-76 was taken to an elevation of -119.5 feet which was lower than the
actual pile toe elevation of -141 feet, therefore, it was assumed the bottom layer was

homogenous from the top of the layer to the pile toe elevation.
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Table 5-7 WATP-2 Soil Parameter Correlations

1984 Borings URI Lab Analysis 1982 Borings
Depth (ft)

(from o' Material ' o'r SPA Data o'
Layer MSL) (deg) N  (Njgo | Category (deg) (deg) Correlation  (deg)
1 21.5-37.5 38 21 37 IAIIA 0,28
2 37.5-62.5 31 12 14 | C,C, A 45,3632 323632 IIA,IIB 28, 30
3 62.5-92.5 29 6 6 B 43 28 IIA,IIB 28,30

4 92.5-107.5 31 16 12 1B 30
5 107.5-119 40 68 45 1IA,IIB 28,30

5.2.2.3 TTP-1

Table 5.8 shows the soil characteristics by layer as determined by correlations to

SPA data, URI lab analysis and SPT values determined from the 1984 boring log B-54.

With the exception of layers 4, the friction angle values determined from B-54 compare

well with the SPA values. Regarding layer 4, the friction angle value determined from B-

54 is 4.5 degrees greater than the SPA determined values. The URI determined peak

friction angle values for layers 1, 2 and 4 are significantly higher than the SPA and B-54

values.

Boring B-54 was taken to an elevation of -103.5 feet and the corresponding SPA

boring, B-5, was taken to an elevation of -102 feet. Both elevations were lower than the

actual pile toe elevation of -111 feet, therefore, it was assumed the bottom layer for both

cases was homogenous from the top of the layer to the pile toe elevation.
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Table 5-8 TTP-1 Soil Parameter Correlations

1984 Borings URI Lab Analysis 1982 Borings

Depth (ft) ! Material ' o'r SPA Data o'
Layer (from MSL) | (deg) N (Ny)go | Category (deg) (deg) | Correlation (deg)
1 8.5-48.5 30 9 11 C, 45 32 1A, 1IB 28, 30

2 48.5-57.5 31 14 14 B,D 43,47 28,34 1B 30

3 57.5-67.5 29 8 7 1A 28

4 67.5-91.5 35 39 31 E 43 39 1B 30

5 91.5-103.5 31 21 15 11B 30

5.2.2.4 TTP-4

Table 5.9 shows the soil characteristics by layer as determined by correlations to

SPA data, URI lab analysis and SPT values determined from the 1984 boring log B-67.

Boring B-67 was taken to an elevation of -110 feet and the corresponding SPA boring, B-

8, was taken to an elevation of -139 feet. Both elevations were lower than the actual pile

toe elevation of -168.4 feet, therefore, it was assumed the bottom layer for both cases was

homogenous from the top of the layer to the pile toe elevation.

The friction angle values determined from B-67 are slightly higher than the SPA

values varying as much as 4.9 degrees. The URI determined peak friction angle values

for layer 2 are significantly higher than the SPA and B-67 values, varying as much as 19

degrees.
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Table 5-9 TTP-4 Soil Parameter Correlations

1984 Borings URI Lab Analysis 1982 Borings
Depth (ft) o' Material o'y o'r SPA Data o'
Layer (fromMSL) | (deg) N  (Nygo | Category (deg) (deg) | Correlation (deg)
1 17-38 32 12 17 IA, TA 0,28
2 38-83 35 26 25 D, C, 47,45 34,32 IIA, IIB 28,30
3 83-110 35 36 26 1IB 30

5.2.3 Pile Capacity Determined Using the Nordlund Method

Three static capacity methods were used to determine the pile toe capacity and
three methods were used to determine shaft capacity. As mentioned in Chapter 2, the
Nordlund Method is the most widely used static capacity method for cohesionless soils,
therefore, the values determined using this method were compared to the design
capacities, as shown in Table 5.10, and SLT capacities determined at the depth for which
each SLT was conducted, as shown in Table 5.11. The soil description is included in
Table 5.11 as a means of assessing the varying values between the calculated and
measured capacities. Due to TTP-4 being driven to a depth well beyond the boring depths
for boring B-67 and B-8 (1984 and 1982 borings, respectively), an end bearing soil
description could not be ascertained. For each test pile, the ultimate capacities determined
using the Nordlund Method fell between the high and low values determined using other

static capacity methods mentioned in Chapter 2.
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Table 5-10, Comparison of Design Capacity and Static Capacity Values

1982 Boring Data 1984 Boring Data
Nordlund Method ~ Nordlund Method
Design Capacity at Design Depth at Design Depth
Test Pile (tons) (tons) (tons)
WATP-1 340 375.4
WATP-2 340 290.5 295.5
TTP-1 330 329.8
TTP-4 330 331.3

Table 5-11, Comparison of Design Capacity, SLT Values and Static Capacity Values

1982 Boring Data 1984 Boring Data
Nordlund Method  Nordlund Method
End Bearing Soil SLT Results at SLT Depth at SLT Depth
Test Pile Description (tons) (tons) (tons)
WATP-1 Sand 83 303 398
WATP-2 Sand 240 2332 1972
TTP-1 Dense Silt 180 2375 713
TTP-4 Inconclusive 520 1536 2435

Static capacities were also determined at design depth and were compared to the

ultimate capacities determined using DRIVEN program, which utilized the Nordlund

Method as well. The values determined by the DRIVEN program were based upon the

1982 boring log data. A summary of the DRIVEN results and comparison to predicted

capacity values is shown in Table 5.12.The difference between the DRIVEN and

calculated values was determined to be the result of:
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e A0/ value of 0.85 was assumed. The value is normally taken from
Hannigan et al. (1998) Figure 9.10, based upon displaced volume and pile
type. However, a value was not obtainable due to the displaced volume
value exceeding a point of intercept with the pile type curve.

e The Cr values were determined from Hannigan et al. (1998), Figure 9.15,
which is subject to interpretation.

e The limiting unit toe resistance was determined from Hannigan et al
(1998) Figure 9.17, which involved extracting values from an exponential
curve corresponding to limiting values ranging from 0 - 40,000 kPa which

was also subject to interpretation.

Table 5-12, Comparison of DRIVEN, Design Capacity, Measured Capacity and Static Capacity Values

1982 Boring Data 1984 Boring Data

End Bearing SLT Nordlund Method ~ Nordlund Method DRIVEN

Soil Results at SLT Depth at SLT Depth Results

Test Pile  Description (tons) (tons) (tons) (tons)
WATP-1 Sand 83 303 397 353
WATP-2 Sand 240 2332 1972 2340
TTP-1 Dense Silt 180 2375 713 2192
TTP-4 Inconclusive 520 1536 2435 1977

It is shown through static capacity analysis that the design capacities were within
the range of predicted ultimate capacities at the design depth. However, the static
capacity values determined at the corresponding SLT depths were on the range of 3 to 13

times higher.
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5.2.4 Effects of Drainage Conditions on SPT, CAPWAP and SLT

It is widely accepted that saturated cohesionless (sand) soils tend to
dissipate pore pressures very rapidly when stresses are applied. As such, strength values
are obtained in the laboratory under drained conditions. Though silt is considered
cohesionless, it is composed of fine grained material and loading can occur under drained
or undrained conditions. It was observed in the Silva et al. (1989) report that material
categories B, C;, C,, and D displayed dilative behavior during shear under undrained
conditions. This observation indicates that both SPT testing and pile driving likely
occurred under undrained conditions, resulting in a decrease in pore pressures that lead to
higher initial strengths. These higher strengths would be reflected in both the SPT blow
counts and the pile capacity predicted by PDA and CAPWAP. However, this
phenomenon is unlikely to occur during a SLT in silt as the loads applied during an SLT
are small in comparison to the hammer blows imparted on the pile and are applied over a
greater increment of time (the Quick Load Test was used for each SLT in which 10-15%
of the design load was applied approximately every 5 minutes). To illustrate this point,
Table 5.13 summarizes the assumed drainage conditions for sands and silts for SPT,

CAPWAP analysis, and SLT.

Table 5-13 Drainage Conditions for Sands and Silts During CAPWAP, SPT and SLT

Sand Silt
SPT Drained Undrained
CAPWAP Drained Undrained
SLT Drained Drained
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This highlights an important fact that in silts, the SPT and dynamic pile capacity
methods may occur under undrained conditions, while a SLT is performed under drained
conditions. For this case study, there was clear evidence of dilative silts in the vicinity of
the Jamestown Verrazzano Bridge. SPT and CAPWAP was performed without mention
of the different drainage conditions for both silts and sands and it is therefore implied that
both methods were carried out under the assumption drained conditions occurred
regardless of soil type.

As shown in Figure 5.14, the end bearing soil for both WATP-1 and WATP-2
consisted of sand, therefore SLT and CAPWAP values were obtained under drained
conditions. The CAPWAP capacity value for WATP-1 is 39% greater than the SLT
value. The CAPWAP capacity value for WATP-2 is less than 12% less than the SLT
value. Though the variance is high, it is much less than the variance of 58% for TTP-1,
for which the CAPWAP capacity value was most likely obtained under undrained
conditions due to the end bearing soil consisting of dense silt. Because the end bearing
soil was determined to be dense silt, it can be assumed the CAPWAP capacity value
would have been greater than the actual capacity, which is shown to be the case. Though
boring logs were not available to determine the end bearing soil for TTP-4, the large
variance in SLT and CAPWAP capacity values could be attributed to the dilative

tendencies of silt.
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Table 5-14 Comparison of End Bearing Soil, SLT and CAPWAP at SLT Depth

End Bearing Soil Static Load Test Results ~ CAPWAP Capacity
Test Pile Description (tons) (tons)
WATP-1 Sand 83 135
WATP-2 Sand 240 211
TTP-1 Dense Silt 180 308"
TTP-4 Inconclusive 520 227

! CAPWAP analysis performed two months prior to static load test
2 The restrike performed 3 days after load test
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6. SUMMARY AND CONCLUSIONS

The Jamestown Verrazzano test pile program and associated correspondence and
lab data was investigated for this thesis. The objective was to identify possible causes for
the significant difference in predicted and measured pile capacities which led to a $97
million cost overrun and a pile redesign for the Trestle and West Approach sections of

the bridge. The tasks accomplished included the following:

An in depth literature review was conducted which focused on static capacity
analysis methods, static and dynamic load testing, and phenomena which lead to
real and apparent pile relaxation such as dilation, arching and friction fatigue.

e An analysis of all subsurface investigations was conducted.

e A summary of the test pile program was developed based upon project
correspondence and reports.

e Static capacities for each test pile were estimated based upon the results of the
subsurface investigations. The results were compared to the static load test and
dynamic load test values of the test piles.

¢ Pile toe mobilization was analyzed based upon available blow count data for each

pile.
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6.1 Summary of Subsurface Investigations

The depth to bedrock as determined from the seismic reflection results compared
well to the subsurface investigation of 1987. This indicates the seismic reflection data
could have been sufficient to determine depth to bedrock for the purposes of pile design.
An analysis of the URI lab tests showed that the difference between the peak and residual
friction angles was not significant enough to cause the observed reduced capacities for
each test pile alone. In fact, the residual friction angles were, on average, higher than the
SPT determined friction angle values, which would have yielded greater capacity values
if the residual friction angles were used for design purposes. These findings suggest that

adequate subsurface investigations were conducted for the purpose of the test pile design.

6.2  Static Capacity Analysis

The results of the static capacity analysis for each test pile show that, given the
wide range of determined densities based upon multiple boring logs, the test piles should
have met the predicted ultimate capacities at the respective design depths. This was not
the case for any of the test piles. Furthermore, for the three piles driven well beyond the
design depth, only one reached the design capacity following driving. The results of static
capacity analyses (both from hand calculations and using a FHWA software package
DRIVEN) conducted at the SLT depth for each test pile indicated each test pile should
have exceeded the design capacity, however, the measured capacities indicated

significantly lower values for each test pile.
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6.3 Summary of Conclusions

Based on a thorough analysis of the available data, there does not appear to be one
overarching cause for the reduced capacity observed with each test pile. It is, therefore,
hypothesized that a combination of factors lead to reduced capacities. These are

summarized below.

Assessment of the Friction Angle - The friction angle and unit weight of a soil
heavily influence the results of a static capacity analysis. If the URI determined peak
friction angles were to be used to determine capacity, it is noted that the values were, on
average, higher than both the friction angles determined by the managing consultant
Sverdrup & Parcel and Associates (SPA) and the friction angles calculated from the 1984
boring logs. In only four instances were the URI determined residual friction angles
lower than the SPA or 1984 boring log determined friction angles, the greatest variance
being 2.6 degrees for layer 2 of the TTP-4 soil profile. When the lower value is used to
determine the shaft capacity, the shaft resistance is reduced by 35 tons at the design depth
and 106 tons at the SLT depth. It is noted the lower friction angle value reduces the
calculated ultimate capacity of 295 tons, which is below the design capacity, however,
this value is still greater than the CAPWAP determined value. The lower value at the

SLT depth is insignificant as the value is still much greater than the SLT capacity.

Dilation - In a laboratory study of inorganic silts from on-land sites in
Providence, RI, Page (2004) observed that the Skempton pore pressure parameter, A r, for

contractive samples was approximately 1.3 and ranged from 0.40 (slight tendency for
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contractive behavior) to -0.26 for dilative samples. It was also shown that at as the Over
Consolidation Ratio (OCR) increased from 2, the samples displayed dilative behavior.
The URI lab data from the Jamestown Bridge project also indicated a tendency for
dilation for four of the six soil materials studied. Soil materials B, C; and C, were found
to have displayed dilative tendencies at high densities and contractive behavior at lower
densities during direct shear tests. Although soil material D did not contain much
evidence of silt, it was observed to be highly dilative.

Dilation in soils during pile driving has been linked to pile relaxation over time.
During the onset of this research, it was preemptively assumed pile relaxation due to
dilation was the cause for the significant difference between the predicted and measured
ultimate capacities. Because the soil models used with the CAPWAP analysis were
significantly different than the in situ conditions, as determined by comparison to the
static load test results, a determination of whether actual or apparent pile relaxation
occurred could not be ascertained as the values determined by each method did not
correlate well. Also, CAPWAP capacities determined at varying time intervals could not
be used with much certainty to determine the occurrence of real or apparent relaxation as
different values of damping were used for the PDA data set utilized by the program at
each interval or the ultimate toe capacity was not fully mobilized. However, if the
negative pore pressures caused by dilation were generated rapidly and the soil material
was of high permeability, it could be assumed a reduction in soil strength was realized
following pile driving operations, which could account for some portion of reduced pile

capacity.
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Friction Fatigue - The method proposed by Vesic (1970) to determine the
maximum shaft capacity due to the phenomenon of friction fatigue was to utilize the
capacity at a depth of 10 to 20 times the pile diameter as the maximum value of shaft
friction. This method was based upon a study conducted in cohesionless soil. Even if
Vesic’s (1970) method was reliable, the study was conducted in coarse-grained
cohesionless soils, not including silt, and may not correlate well with the present study.
The method also conflicts with the common methods used to determine shaft capacity in
that limiting factors are not applied for such an effect. Also, the methods would have
proved to be inaccurate beyond the limiting depth proposed by Vesic (1970).

Other studies have been conducted by Chow & Jardine (1996), White & Lehane
(2004), Gavin & O’Kelley (2007), to correlate reduced shaft capacities to the effects of
cyclically loading a pile in cohesionless soils, however, none of them provided a
substantiated correlation. Though the concept of friction fatigue is generally accepted,
there does not exist a means of predicting the effects of friction fatigue on the test piles at
Jamestown.

If the method put forth by Vesic (1970) was utilized in a conservative fashion by
determining the shaft capacity at a depth 20 times the pile diameter for TTP-4, the
maximum shaft capacity, no matter what the depth the pile was to be driven to, would be
42 tons. This would imply that 478 of the 520 ton capacity determined from the SLT was
developed by the pile toe capacity. The pile toe capacities for TTP-4 using the Nordlund
Method from both the 1982 and 1984 borings were 73 and 248 tons, respectively,
indicating shaft capacities of 447 and 272 tons. Therefore, it seems a shaft capacity value

of 42 tons would not have been feasible.
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Arching - According to Jardine and Chow (1998) it can be assumed arching
occurred during pile driving. As indicated by the study, there was an average of a 40%
reduction in predicted versus measured capacity at EOD. The reduction in predicted pile
capacity due to the arching effect, however, occurs during pile driving and once pile
driving operations cease, pile capacity begins to increase, as much as 85%, over a time
span of six months to five years.

Because only one static load test was conducted per test pile and a lack of strong
correlations between CAPWAP and the static load tests, the extent to which arching
reduced the predicted capacities cannot be accounted for as there is not a credible
capacity to compare the baseline capacity of the single static load test. Furthermore, an
85% increase in capacity would only account for the decreased capacities of WATP-1
and TTP-4, for which the SLT values were 27% and 34%, respectively, of the predicted
capacities. As such, even though arching may have contributed to a reduction in predicted

pile capacity, it does not account for the reduced pile capacity for each test pile alone.

Liquefaction - The behavior of Rhode Island silt during undrained cyclic loading
was studied by Taylor (2011) and Bradshaw (2006), and the results of the study were
discussed in Chapter 2. As mentioned in Chapter 5, a variance of J values, 0.2 - 0.9, was
observed in the CAPWAP analysis. Liquefiable soils tend to dissipate more energy than
non-liquefied soils, therefore, if it is assumed the increase in J values are attributed to
increases in excess pore pressures, liquefaction may have occurred in strata associated
with the higher J values. It is widely known that liquefaction must occur for the pile to be

driven, however, it seems plausible that as the silt layers transitioned from a liquefied
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state, the friction angles were well below the residual friction angles determined in the
lab (Silva, 1988) which could have led to reduced capacity values. This effect would also
be exacerbated by the arching effect in the non-plastic silt pockets, further reducing the

predicted capacity.

6.4 Recommendations for Future Research

According to Salgado (2008), there is a limited amount of literature discussing the
effects of silt during pile driving in addition to a lack of correlations related to the static
capacity analysis of displacement piles in silt. Perhaps the lack of literature is a result of
the rare occurrence of experiencing large strata of silt in the vicinity of deep foundation
installation. Nonetheless, the importance of understanding the behavior of silts during
pile driving operations is critical to the design of deep foundations in the regions in which
the encounters are not rare, such as the North Eastern United States and South Western
Canada (Thompson, 1985). As such, the following recommendations for future research

are offered:

e Perform drained and undrained cyclic load tests on Rhode Island silts
commensurate to cyclic pile driving
0 Compare residual friction angles and post-liquefaction
undrained strengths in order to determine the effects of cyclic
loading on the shear strength of the soil

e Monitor pore pressure during cyclic loading
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0 Pore pressure measurements taken over time after sample is
cyclically loaded will lead to certainty regarding pile set up and
relaxation

0 Pore pressure measurements will indicate the degree of
contraction and dilation during and after cyclic loading

e Perform drained and undrained cyclic load tests on Rhode Island silts,
commensurate to cyclic pile driving in submerged materials

O Monitor the pile-soil interface for evidence of increased water
content

O Indications of increased water content will confirm water
enters the pile-soil interface which could reduce the effective

stress in the dilative strata
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APPENDIX A: 1982 BORING LOGS
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APPENDIX B: 1984 BORING LOGS
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APPENDIX C: SUMMARY OF THE JAMESTOWN VERRAZZANO BRIDGE
PILE TEST PROGRAM

126



127



128



129



130



131



132



133



134



135



136



137



138



139



140



141



142



143



144



145



146



147



148



149



150



151



152



153



154



155



156



157



158



159



160



161



162



163



164



165



166



167



168



169



170



171



172



173



174



175



176



177



178



179



180



181



182



BIBLIOGRAPHY

Anderson, S. (2006). Jamestown Verrazano Bridge Historic Overview.
www.bostonroads.com/crossings/Jamestown.

Baxter, C., Page, M., & Bradshaw, A. (2005). Guidelines for the Geotechnical Site
Investigations in Rhode Island. Narragansett: Rhode Island Department of
Transportation.

Bradshaw, A. S., Baxter, C. D., & Osborn, P. (2004). GSP 132 Advances in Deep
Foundations, Lessons Learned from Pile Driving at the Central Artery/Tunnel
Project. Washington D. C. : Federal Highway Administration.

Bruninghold, V. M. (2004). Effect of Toe Displacement on Pile Capacity from Thirty
Static and Dynamic Load Tests. Masters Thesis, Department of Civil Engineering.
University of Rhode Island, Kingston.

Davisson, M. T. (1988). Summary of Pile Test Program, Prestressed Concrete Piles,
Jamestown Bridge Replacement. Consulting Engineer.

Davisson, M. T. (1989). Summary of Composite Pile Test Program, Composite
Prestressed-Concrete and Steel H-Piles, Jamestown Bridge Replacement.
Consulting Engineer.

Fellenius, B. H. (2009). Basics of Foundation Design. Electronic Edition.
www.Fellenius.net, 342 p.

Fellenius, B. H., Riker, R. E., O'Brien, A. J., & Tracy, G. R. (1989). Dynamic and Static
Testing in Soil Exhibiting Set-Up. Journal of Geotechnical Engineering, Vol. 114,
No. 7,984-1001.

Gavin, K. G., & O'Kelley, B. C. (2007). Effect of Friction Fatigue on Pile Capacity in
Dense Sand. Journal of Geotechnical and Geoenvironmental Engineering 133,
No. 1, 63-71.

Hannigan, P. J., Goble, G. G., Thendean, G., Likins, G. E., & Rausche, F. (1998). Design
and Construction of Driven Pile Foundations Volume 1 and 2. Washington D. C.:
Federal Highway Administration.

Holtz, R., & Kovacs, W. (1981). An Introduction to Geotechnical Engineering. Upper
Saddle River, NJ: Prentice-Hall.

GZA GeoEnvironmental Inc. Jamestown Verrazzano Bridge Correspondence. 1985-
1987.

Jardine, R. J., & Chow, F. C. (1996). New Design Methods for Offshore Piles. Imperial
College, Department of Civil Engineering. London: The Marine Technology
Directorate Ltd (MTD 96/103).

Kramer, S. L. (1996). Geotechnical Earthquake Engineering. Upper Saddle River, NJ:
Prentice-Hall.

Kyfor, Z. G. (1992). Static Testing of Deep Foundations. Washington D. C.: Federal
Highway Administration.

Page, M. J. (2004). An Evaluation of Sample Disturbance and Strength Parameters of
Rhode Island Silts. Masters Thesis, Department of Civil Engineering. University
of Rhode Island, Kingston.

183



Poulos, H. G., & Davis, E. H. (1990). Pile Foundation Analysis and Design. Malabar,
FL: Robert E. Krieger Publishing Co.

Rausche, F., Goble, G. G., & Likins, G. E. (1985). Dynamic Determination of Pile
Capacity. Journal of Geotechnical Engineering, Vol. 111, No. 3,367-383.

Richart, F. E., Hall, J. R., & Woods, R. D. (1970). Vibrations of Soils and Foundations.
Englewood Cliffs: Prentice-Hall.

Salgado, R. (2008). The Engineering of Foundations. New York: McGraw-Hill.

Seed, H. B., & Idriss, I. M. (1971). Simplified Procedure for Evaluating Soil Liquefaction
Potential. Journal of the Soil Mechanics and Foundations Division 97, No. 9,
1249-1274.

Seed, H. B., & Idriss, I. M. (1982). Ground Motions and Soil Liquefaction During
Earthquakes. Oakland, CA: Monograph, Earthquake Engineering Research
Institute.

Sverdrup, Parcel, & Associates. (1982). Jamestown Bridge Replacement, North
Kingstown and Jamestown Rhode Island, Geotechnical Report. Boston.

Taylor, O. D. (2011). Use of an Energy-Based Liquefaction Approach to Predict
Deformation in Silts due to Pile Driving. Dissertation, Department of Civil
Engineering, University of Rhode Island, Kingston.

Terzaghi, K., Peck, R. B., & Mesri, G. (1996). Soil Mechanics in Engineering Practice.
New York: John Wiley and Sons.

White, D. J., & Lehane, B. M. (2004). Friction Fatigue on Displacement Piles in Sand.
Geotechnique 54, No. 10, 645—-658.

Youd, T. L., & Idriss, I. M. (1997). Proceeding of the NCEER Workshop on Evaluation
of Liquefaction Resistance of Soils. Buffalo: National Center for Earthquake
Engineering Research.

184



	Abstract
	Acknowledgments
	Table of Contents
	List of Tables
	List of Figures
	1. INTRODUCTION
	1.1 Problem Statement
	1.2 Objectives and Methodology
	1.3 Organization of Thesis

	2. BACKGROUND AND LITERATURE REVIEW
	2.1 Standard Penetration Test
	2.2 Determination of Friction Angles and Soil Unit Weights
	2.3 Static Capacity Analysis
	2.3.1 Nordlund Method for Determining Shaft and Toe Resistance
	2.3.2  β Method
	2.3.3  Bearing Capacity Theory
	2.3.4  Meyerhof Methods

	2.4 Static and Dynamic Pile Testing
	2.4.1  Static Load Testing
	2.4.2 Dynamic Pile Testing

	2.5 Possible Mechanisms Leading to Reduced Capacity of Piles
	2.5.1  Liquefaction
	2.5.2 Arching
	2.5.3 Friction Fatigue
	2.5.4 Pile Relaxation


	3. PROJECT BACKGROUND
	3.1 Location and Description
	3.2 Parties Involved
	3.3 Overview of the Test Pile Program
	3.4 Contract Termination

	4. SITE DESCRIPTION
	4.1 Narragansett Bay Geology
	4.2 Continuous Seismic Reflection and Bathymetric Survey
	4.3 Boring Logs and Lab Data from 1982-1984
	4.3.1 Boring Log Data and Laboratory Results from 1982
	4.3.1.1 Trestle Area Soil Profile
	4.3.1.2 North Kingstown Approach Soil Profile

	4.3.2 Boring Log Data from 1984

	4.4 Boring Logs from 1987
	4.5 Soil Testing and Analysis from 1988-1989

	5. ANALYSIS OF THE JAMESTOWN VERRAZZANO BRIDGE TEST PILE PROGRAM
	5.1 PDA, CAPWAP and SLT Data
	5.1.1 WATP-1
	5.1.2 WATP-2
	5.1.3 TTP-1
	5.1.4 TTP-4

	5.2 Static Capacity Analysis
	5.2.1 Boring Logs Used for Analysis
	5.2.2 Determination of Friction Angles
	5.2.2.1 WATP-1
	5.2.2.2 WATP-2
	5.2.2.3 TTP-1
	5.2.2.4 TTP-4

	5.2.3 Pile Capacity Determined Using the Nordlund Method
	5.2.4 Effects of Drainage Conditions on SPT, CAPWAP and SLT


	6. SUMMARY AND CONCLUSIONS
	6.1 Summary of Subsurface Investigations
	6.2 Static Capacity Analysis
	6.3 Summary of Conclusions
	6.4 Recommendations for Future Research

	APPENDIX A: 1982 BORING LOGS
	APPENDIX B: 1984 BORING LOGS
	APPENDIX C: SUMMARY OF THE JAMESTOWN VERRAZZANO BRIDGE PILE TEST PROGRAM
	BIBLIOGRAPHY



